Nee (T ' ' B

DEC 12 1973
Golder Associates

CONSULTING GEOTECHNICAL ENGINEERS
E/78/2639

December 6, 1978

Dr. J.I. Clark, P. Eng.

R.M, Hardy & Associates Ltd.
910, 205 5th Avenue SW

P.0. Box 9327

Bow Valley Square 2

Calgary, Alberta

T2P 2W5

Re: Rehabilitation and Stabilization
Clinton Creek Mine

Dear Jack:

I am enclosing a copy of our report V77016, December 1978, to
Cassiar Asbestos Corporation Ltd., which is our response to your report of
October 1978 to the Yukon Territory Water Board regarding rehabilitation
and stabilization at the Clinton Creek mine site.

As you will see on reading our report, with the exception of your
views regarding the Clinton Creek waste dump, we have arrived at different
conclusions than are given in parts of the remainder of your report, in
particular, in those sections dealing with the seismic analyses which were
carried out for the Wolverine Creek tailing pile.

In view of the differences between our respective conclusions, we
have asked Cassiar Asbestos Corporation Ltd. not to forward our report to
the Yukon Territory Water Board until you have had an opportunity to review
both of our positions.

I would be pleased to meet with you at a mutually convenient time
to discuss any aspects of the work.

Yours very truly
GOLDER ASSOCIATES
Per: E.B. Fletcher, P. Eng.

EBF:rme
Enclosure

V77016

CGOLDER GEOTECHNICAL CONSULTANTS LTD.. 224 WEST 8thAVE., VANCOUVER, B.C. CANADA @ V5Y 1NS5 e PHONE:(604) 879-9286 » TELEX: 04-508S00
VANCOUYER o CALGARY @ KAMLOOPS o KELOWNA # TORONTO e SEATTLE o ATLANTA @ LONDON,ENGLAND o MELBOURME » SYDNEY



- @#omm @SN @ IE R EE B =N il

Golder Associates

CONSULTING GEOTECHNICAL ENGINEERS

REPORT TO
CASSIAR ASBESTOS CORPORATION LTD.
RE
REHABILITATION & STABILIZATION
CLINTON CREEK MINE

CLINTON CREEK YUKON TERRITORY

DISTRIBUTION:
4 copies - Cassiar Asbestos Corporation Ltd.
Vancouver, British Columbia
2 copies — Golder Associates
Vancouver, British Columbia
December 1978 V77016

VSYTINS » TEL {6041 87¢

{5 o BUATTLE o DENVER e LONDON (ENGLAND)  MELSOURNE (AUSTRAL



mu WX mE JEm 2B A B B

| . | Py

— — — 1 — i,

1.0
2.0
3.0

4.0

5-0
6.0

7.0

TABLE OF CONTENTS

INTRODUCTION

SUMMARY

CLINTON CREEK WASTE PILE
WOLVERINE CREEK TAILING PILE

4.1 General
4,2 Static Stability Analyses

4.2.1 North Lobe
4,2,2 1974 Failure Lobe
4,2.3 Conclusions

4.3 Seismic Stability Analyses

4 1 Introduction

4.3.2 Displacements as a Result of Ground
Accelerations

4,3.3 Liquefaction

4.,3.4 Conclusions

«3.
3

RMHA CONCLUSIONS
RMHA RECOMMENDATIONS
SURFACE TREATMENT OF TAILING PILE

Tal Wind Erosion

7.2 Water Erosion

7.2.1 Surface Run-off

7.2.2 Percolation of Water into the Tailing Pile

“Golder Associates

PAGE

o W

10
11

11
Lk
12
15
18
18
19
21

21
22

22
22



| — - N I R o

1.

1.0 INTRODUCTION

This report is our response to the Yukon Territory Water Board's
consultants, R.M. Hardy and Associates Ltd. (RMHA), report and
recommendations to the Water Board regarding the rehabilitation and
stabilization program carried out by Cassiar Asbestos Corporation Ltd.

during closure of mining and milling operations at the Clinton Creek mine

site.

2.0 SUMMARY

a) We are in basic agreement with the conclusions reached by
RMHA regarding the Clinton Creek waste pile.

b) It is our opinion that monitoring of movements in the
Clinton Creek waste pile once every two months will be
adequate to evaluate continuing movements in this area, and
. to determine the required frequency of further monitoring.
We are in disagreepent with RMHA with respect, the

\}\ QQM C\,% LQFN% G@ @'Q/VS o{ W’t\m.}( L t»f_)

qu;ggg;&gg_gzggsziles of the foundation soils beneath the
tailing pile and, consequently, with the mechanism of
failure postulated by them., Our findings show that the
fluvial lacustrine material, not the weathered argillite, is
the principal source of instability beneath the tailing
pile.

d) Stability analyses of the tailing pile for the static
condition indicate factors of safety against massive
downslope failure of 1.3 and 1.6 for the recontoured north

lobe and 1974 failure lobe, respectively. — e WL
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" e) Seismic analyses of the recontoured tailing pile indicate QQ s o
‘ < X
that a ground acceleration of 0.15 g, equivalent te an §£ i;@ﬁ
. e
l earthquake of magnitude 8-1/4, would cause a downslope s

N

\(\L§J\) displacement of the tailing pile of the order of 12 ft.

N
\XHS§5\,~Q?A ) Seismic analyses indicate that liSEEEEEEEEE of the
< / :
& &
\\\ R4 \ foundation materials beneath the tailing pile due to seismic
S
é;r\\ou wVJH Q};\lmading, and leading to massive downslope failure, is highly
e
A (¢3rcp @-QQ\f improbable.
Y
3 {\£3 A total of seven new monitors to replace the three monitors

removed during recontouring of the north lobe of the tailing
pile, and three new monitors to replace the three removed

() during recontouring of the 1974 failure lobe of the pile,

have been established. These, as well as the existing
monitors, were surveyed on a weekly basis till November 9,
1978. The average rate of movement of the north lobe of the
tailing pile has changed from approximately 0.40 ft./day
before recontouring to approximately 0.04 ft./day after ié-.;

— ()

recontouring. The rates of movement in the 1974 failure lobe

1

~ F‘ vall
‘7,f;? are all of the order of 0.02 ft./day reflecting little
) i
Lsﬁi:)” change from before recontouring. The consistency of the S8 e
| |y

data was such that we believe that surveys of these
installations done every second month will suffice to

evaluate the significance of any continuing movements.

-

h) With respect to the production of a detailed contingency

|

plan for Wolverine Creek in the event of a massive failure

of the north lobe of the tailing pile, it is our opinion

|

1
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that failure leading to further inundation of Wg{;érine
Creek is hig@ly improbablé. However, in the event that such
a failure does occur, the only reasonable method available
for rehabilitation would be to extend the Wolverine Creek
bypass channel, constructed at the toe of the 1974 failure
lobe, upstream to include materials from subsequent
failures. It is impossible to produce a detailed
contingency plan beyond this without knowledge of specific
post-failure conditions.

i) We are of the opinion that the application of a sealant to
the surface of the tailing pile should be considered only if

it is found that the naturally forming crust on the tailing

pile is breaking down with time.

3.0 CLINTON CREEK WASTE PILE
(reference pages 1 and 2, RMHA report)

We are in basic agreement with the conclusions reached by RMHA
regarding treatment of the Clinton Creek waste pile. We feel, however,
that monitoring of the movements in the waste pile once every second month,
as recommended verbally to you in October 1978, will provide adequate

information upon which to base further assessments of these movements.

4.0 WOLVERINE CREEK TAILING PILE
(reference pages 2 to 6, RMHA report).

&3 General
There are a number of comments and conclusions with which we

disagree in this section of RMHA's report. The following comments are

Golder Associates
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meant to identify these and to point out their implications with regard to

their effects when applied to assessments of the stability of the tailing

pile.

a)

b)

Reference sub-para 1, page 3, RMHA report.

Notwithstanding the generic description of the fluvial
lacustrine soils encountered at the site and recorded on the
borehole logs, an inspection of the results of six grain
size analyses performed on these materials, and included in
our report (Golder Associates V77016, July 1978), shows that
the samples tested contained 30 to 80 per cent of particles
by weight finer than than 0.06 mm (#200 U.S. Standard
Sieve). Soils with these grain size distributions will not,
as stated in the RMHA report, "... tend to have a relatively
high permeability when thawed". The permeabilities of the
soils tested will, in fact, be low, and will probably be

between 1072 and 1077 cm/sec.
Reference sub-para 2, page 3, RMHA report.

i) The R.M. Hardy report states that "... no evidence of
ice is recorded in the overburden fluvial lacustrine
s0il". On page 43 of our report V77016, July 1978,
the statement is made that "... The dominanf soil type

on the upper portion of the slope is a fluvial

Golder Associates
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lacustrine deposit of silty sandy gravel ... This
material was noted during the field investigation to
be frost susceptible with as much as 40 per cent, by
volume, of ice in the form of lenses". This statement
could have been further amplified by stating that
these ice lenses were noted in a fresh cut made by

bulldozer near the location of borehole 13 (T6). The

ice lenses were approximately 1/8 iach thick and were

separated by only slightly greater thicknesses of

soil. The natural moisture contents of these
materials, noted on the borehole log for borehole 13
(T6), are consistent with the visual observations made

in the field with regard to ice content.

Sub-paragraph 2 of the RMHA report goes on to say that
n

ess 1ce was recorded in the weathered argillite and

in one test hole a 3 inch lens was recovered". In

fact, ice was noted in the weathered argillite at only

.one location in the Wolyerine valley. This was in
borehole 18 (DS5) which was made in the bottom of the
Wolverine Creek valley. (See Figure 6, V77016 July
1978). Further, an inspection of the grain size
analyses performed on samples of the weathered
argillite from both the Wolverine and Clinton Creek
sites, and included in our July 1978 report, leads to

the conclusion that the permeabilities of these

Golder Associaies



materials are substantially greater than those of the

fluvial lacustrine soils at the site.

An additional observational opportunity with regard to the
frost susceptibility of the weathered argillite in the
Wolverine Creek valley was available in the roadway cut
along the west bank of Wolverine Lake below the tailing
pile. This cut was made, for the most part, in weathered

argillite on May 11 and 12, 1978 for the purpose of moving

drilling equipment to the locations of boreholes DS17, 18
and 19 in the Wolverine Creek valley. These materials were
noted to drain quickly and without degradation on thawing

after their exposure to warm ambient temperatures.

c) Sub-para 3, page 3, RMHA report.

N
0

=0

0
é;>. _"“H" In view of the preceding comments, we disagree with the

o
D

1

I

D
—
- bt
;=i

entirety of sub-para 3 and the first paragraph on page 4 of

the RMHA report. In fact, the evidence, as reported in

@

{
79
v/

1]
L

V77016, Section 5.5, July 1978 and amplified in Section

i

¥ 4.2.1 of this report, is quite conclusive with regard to the

62

—TeA MM T " relative behaviours of the fluvial lacustrine and weathered

b Lo - argillite as foundation soils.
o () - -\)m“ : ‘1 - \ (

-
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4.2 Static Stability Analyses

Copies of the working drawings used in the analyses of the north

lobe of the tailing pile for conditions immediately before and after

Golder Associates
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recontouring of the tailing pile are included with this report for
reference.

The conditions in the tailing pile, the method of analysis, and
the parameters and assumptions employed in the analyses are summarized

below.

4.2.1 North Lobe

' The horizontal and vertical movement data available from
observations on surface movement monitors established on the surface of the
north lobe of the tailing pile, together with field observations, indicated
that a large mass of the tails, with its western boundary just upslope of
monitor 26B, was moving en masse downslope at an average rate of
approximately 0.40 ft. per day just prior to recontouring (this rate had
decreased progressively from a maximum of approximately 0.53 ft. per day
recorded during February and March 1978).

The rates of horizontal movement at the locations upslope of thié?
mass varied between 0.0l and 0.015 ft. per day just prior to fecontouringﬂﬁg
These movements had not changed significantl; during the period December
1976 to September 1978 over which observations had been made.

The relationship between the horizontal and vertical movements on

the rapidly moving portion of the north lobe indicated that the surface of

the pile was moving downslope at angles of approximately 5 degrees steeper |

A LA

F

than the original ground surface beneath it, which is conmsistent with the O
spreading of this portion of the tailing pile as it moved progressively ™ Shaoudd

down the slope. The movement data indicated a "stretching" between the eyl

& S

f—?‘D\A; ‘.-S' = ‘05(\0\9
S\s \.\-
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upslope end of this mass and its downslope crest (see Figure 1), with

movements near the downslope crest being greater than those further

L

upslope. Conversely, surveyed sections of the tailing pile, as well as

field observations, indicated that the wedge of tails between the downslope

s
~
=g crest of the pile and its toe was tending to move more slowly with time

O~ o |
N & N . . ]
\\ E%h than the materials upslope of the wedge. The result of this phenomenon was |
. 7 !
Ll |

ng? ;%5“\ the accumulation of tails at the downslope crest of the pile. This, in
.

Lo turn, caused continuous over—steepening of the front slope of the tailing
pile which resulted in the ravelling of tails down the terminal face of the:
pile. In the period between April 29, 1978 and September 28, 1978, the
location of the toe of the pile had moved downslope a distance of
approximately 40 ft., an average rate of 0.26 ft. per day, which is e
substantially less than the rates measured upslope of the crest. Much of

this change in the location of the toe of the slope would have been the

result of materials ravelling down the face of the pile and accumulating at
its toe. Slowing of the toe of the failure mass, and accumulation and
over—-steepening of the tails upslope of the toe, had not been noted to be
occurring on the north lobe of the pile before its toe had reached the
steeper natural slope on the west valley wall of Wolverine Creek where
little, if any, fluvial lacustrine materials overlie the weathered
argillite. The toe wedge could have tended to slow down or stop for only

i

one reason - the foundation soils beneath it were of sufficient strength to

/J.‘
resist further downslope movement. o

As a result of these observations, the geometry of the failure }

mass in the north lobe of the tailing pile has been deduced as shown on ;
|

Figure 1. The soil stratigraphy as it affects the analysis has been

Goldei" Associates
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inferred from field observations and is shown in this figure, together with
e ——————

the soil strength parameters as found in the laboratory.
e TN et CMMMESSTC S TSRS

.

The analyses were done by hand, and, except for the use of
K \
non-circular failure surfaces, and the lack of the necessity to choose W f'

arbitrary values for the pore pressure ratio, r the analyses are

u,
similar to those carried out by RMHA. The following is an outline of the
steps used in assessing the stability of the tailing pile under static

conditions.

a) The mobilized shear stresses and total normal stresses along

SS{ . the failure surface were calculated and plotted as shown on
b

Figure 2 for both the pre-recontoured and the recontoured

tailing pile.

b) The tailing pile was assumed to have a factor of safety of

1.0 before recontouring. Consequently, the mobilized shear

stress must, by.the definition of the safety factor, be

rj(,iiAF~ .. equal to the effective stress times the tangent of the
P b 3 e N i~ ST
Losgets A ; : % ; :
r [- effective angle of intermal friction. Using this
P e = =2 e et ey
ot "'f_, ¢
-fyif“’" relationship, the effective normal stress for the

pre-recontoured pile was calculated and plotted.

c) * At any point along the failure surface, the pore water
pressure is equal to the ordinate between the total and
effective normal stresses. The pore water pressures along
the failure surface after recontouring were assumed to
decrease by an amount equal to the reduction in total normal

pressure due to recontouring of the pile (i.e.

(3> Lo

Golder Associates
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d)

e)

£)

10.

As a result, the effective normal stress along the failure
surface is the same before as after recontouring.

The factor of safety of the recontoured pile was then
calculated by dividing the sum of the mobilized shear
stresses into the sum of the effective stresses, both for
the recontoured pile, and multiplying this quotient by the
angle of internal friction for the soils along the failure
surface. The factor of safety for the recontoured north
lobe of the tailing pile is estimated to be approximately
1.3.

The average pore pressure ratio along that portion of the
failure surface over which the tails are in contact with the
fluvial lacustrine foundation soils can be calculated by
dividing the sum of the pore water pressures by the sum of
the total normal pressures and dividing this quotient by the
square of the cosine of the base angle of the failure mass,
Lol Ty = u/c/cosze. The values of r, for the

north lobe of the tailing pile were found to be 0.53 and

-

0.39 for conditions before and after recontouring,
respectively.

The results of the analyses for the conditions immediately
before and after recontouring of the north lobe of the

tailing pile, are summarized on Figure 2.

4.2,2 1974 Failure Lobe
As shown in our report, V77016, July 1978, the movements in the

1974 failure lobe of the tailing pile were much slower than those in the

Golder Associates
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north lobe. Due to the requirements of Wolverine Creek chanmel realignment
and grading, this segment of the tailing pile was also recontoured.
Analyses of the failure lobe for conditions, before and after recontouring,
and using the same techniques described for the north lobe of the tailing
pile were carried out and the factor of safety after recontouring has been
estimated to be approximately 1.6.
—_—

4.2.3 Conclusions

We believe that the observations, assumptions, and analytical
techniques that we have applied are appropriate to a realistic assessmernt

of the behaviour of the tailing pile under static loading conditioms.

4,3 Seismic Stability Analyses

4.3.1 Introduction
The use of a pseudo-static analysis, as carried out by RMHA, to
evaluate the response of a soil mass to earthquake loading applies the

following assumptions and effective net changes to a static analysis of the

E!, N o o |
i i et
soll mass., A,% P =
P

A

L eF
/tL ’-‘v-_t b

O

s,
a) the earthquake force,(k(g), which is being imposed upon the
ey

slope is assumed to bixgontinuous (not cyelic), to be acting
in the plane of the section being analyzed, and to be acting
only in the downslope direction.

b) the entire geometry of the slope is effectively steepened by
an amount exactly equal to the arctangent of the earthquake

factor being used.

Golder Associates
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c) the weight of every element of the failure mass is b&fhffg

m«ﬁww
st
d R

effectively increased by a factor equal to N 1 + k2,

The configuration which results from these changes is then
effectively subjected to a static analysis. In simple terms, this type of
analysis states that every slope which consists of cohesionless materials,
such as the tailing pile and its foundation soils, and which is subjected
to earthquake loading, will ultimately flatten to an angle equal to its
static angle of-repose minus the arctangent of the earthquake factor

applied. i i |
%7 ,L.'. Flinme sl AT

There are, in fact, two separate and distinct potential effectsﬁQHA‘f‘ih{
L ) 2,

caused by the imposition of earthquake forces on natural or man—mado/-,zﬁ?ﬁif; %
- y Sl e,
slopes. The first of these is displacement as a directwresult.df:ground Lo 2

,{/\,L- et

€ :\ >

accelerations, and the second is liquefaction of the slope or its
foundation soils as a result of ground shaking. The pseudo-static analofjj//

does not account for these effects and, consequently, is generall¥ an~"
"/‘.\ Gl T '\-L-th‘-ln.r\ ”: =l Ly "‘v‘"‘bvu\fft 5
inappropriate method of analysls when applled to slope staglllty problems,
S |
The displacement and liquefaction phenomena associated with earthquakes are

1 i 1 ' oladie  allodewis,

dealt with in the following paragraphs. > 8 /w st daseli ; (, T}’;':;
‘-’ /V.; 7L {-vnf-'t\.. f‘f( cfuditog T

é//b‘v ,{- ‘)‘r"'— 'L}! i L?L”“" ) j 2 om |

't ..,!‘J \,s{ = Lot Ao PR r'-
4,3.2 Displacements as a Result of Ground Accelerations ¥ B i !&K& '
& Fragey

s & \

/;;;f In a slope of relatively uniform density, such as the tailing
,piie, subjected to a reasonably uniform acceleration throughout its height,

experimental evidence (Goodman and Seed (1966) and Makdisi and Seed

f wnb/\. éar{"’ﬁ .siw-x- A6 el iz i wyd T LI
he | T+ , t

\\_).,, - vl

LG ‘-‘ £

r
¥

= &y

A
—

e R
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(1978)) suggests that failure occurs by mass sliding of a thin surface
zone. During acceleration of the earthquake, inertia forces may induce
momentary instability of this mass causing it to slide downhill. However,
before any appreciable movements occur, the direction of ground
acceleration is reversed and the motion of the surface layer is arrested, ﬂh}
only to be started again during the following acceleration cycle. The (&05&
overall effect is a progressive displacement causing flattening of the quﬁi;g
slope at its toe and settlement at 1ts crest, If the initial inclination @e{bq{
of the slope is less than the friction angle, movement can only occur whe

the inertia forces induce temporary instability, and no further

displacement will occur when the ground motion has ceased. Techniques to
calculate earthquake induced displacements have been developed by Goodman

and Seed (1966), and Makdisi and Seed (1978). Neither of these techniquesjg‘ e 73

rely on the pseudo-static method of analysis to arrive at estimates of 4“* & i,

B e — o e e \._ SR _‘,./ __7 s f- / o
final dlsplacemgnts. ;‘4:Lf£p --‘_nM f ﬂﬁZ-LL
x f,.'.fﬁ-, «J“j- -"‘é ‘{' & ) {-"h; Liln e o .
B, B UTET e " {**JLA-
£l A e 57""8 u-L:.L_ o
a) Goodman and Seed (1966): The analytical technique assumes
) & . . "
l of db" that the friction angle and shear strength intercept /,
\,.:,‘.— i L},J\___’ 'J{:"‘/LV ). g
_ir~’1 ¢+ “decrease with shear deformation and that each successive (WSO "
i v v
-jlv" ¢ { i
T bR accelq;aplon pulse produces a corresponding displacement of
- i ; \N{- i
ﬂ?,'vPNhf
3 &;1 the slope. Figure 3 illustrates this phenomenon. Numerical
™ b R e L e e
o i
3 i i y 5
zk“ 1 integration can be used to calculate displacement from an
xﬁyLC’A‘{ expression for the velocity or, alternatively, there is a
e ‘_',f'i';;\.\_"{_ -5; s -
bt \(81mp11f1ed expression for displacement.

b) Makdisi and Seed (1978): There are three steps in the

calculation of displacement by this method. These are:-

Golder Associates
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i) Static analyses are carried out to determine the

horizontal acceleration ("yield acceleration"),

ky(g), required to cause failure of the slope (see U;%f;?
Figure 4).

ii)  The earthquake induced acceleratioms, kyax, in the
slope can be calculated by using programs such as
SHAKE, QUAD-4, or by using a simplified procedure
described by Makdisi and Seed (1978), or resort can be
made to statistical data such as that provided to RMHA
by Pacific Geoscience Centre.

iii)  Design charts have been drawn up using numerical
integration which can be used to determine
displacement from the quantities found in (a) and (b)
(see Figure 5).

Using this second technique with selected earthquake

factors, displacements of the tailing pile have been

estimated and are given in the following table.

Earthquake Mean Number Earthquake Yield Accel. k Est'd Cumulative
Intensity of Cycles Factor of Slope i__X_ Downslope Dis-
(Modified N kmax(g) k (g) max placement of
Mercalli) (see’ Fig 4) Tails
(see Fig 5)
6.0 5 0.03 g 0.04 g 1.33 /0.0 ft.
7.0 10 0.06 g 0.04 g 0.67 | 0.3 ft.
7.75 17 0.10 g 0.04 g 0,50 | 3.5 ¢, | AT
1 i
8.25 23 0.15 g . 0.04 g 0.27 R ft.f
T

Golder Associates
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The calculated displacements seem small in view of
widespread notions of the effects of earthquakes on slopes.
They are, however, consistent with observed displacements

due to earthquake occurrences (see Seed et al (1973)).

4.3.3 Liquefaction

The second effect of the imposition of earthquake forces on a
cohesionless soil mass is the possible liquefaction of the material. For
the case being considered, the tails themselves are essentially free of
water and, therefore,rnot susceptible Eo liquefaction. The only effect on
the tailing pile, exclusive of its foundation soils, due to seismic
loading, will be lateral displacement as discussed in the previous
paragraphs. However, the soils underlying the tailing pile are saturated
when they are thawed and may be susceptible to liquefaction. ObviOusiy, iff'
widespread liquefaction were to occur in the foundation soils, the tailing/
pile would move downslope, possibly engulfing Wolverine Creek. _’ﬂﬁ//)

The evaluation of a soils susceptibility to liquefaction under
seismic loading is a difficult process and many technical papers and
reports have been published on the subject. Seed et al (1971, 1973,
1975a), b) and ¢), 1976, 1978 and others) have developed the most widely
acceptéd techniques for assessing liquefaction potential, Finn et al
(1978), have published a paper concerned with the liquefaction of
sandwiched thawed layers in frozen soils which is of direct concern to the
conditions in the foundation soils beneath the tailing pile. The work
reported on by these authors is used to evaluate the liquefaction potential

of the tailing pile as outlined in the following paragraphs.

Golder Associates
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The techniques proposed by Seed et al, vary from the use of highly
sophisticated laboratory and field measurements and mathematical analyses
to obtain information pertinent to the liquefaction problem, to the use of
simple charts upon which to base an assessment of liquefaction potential.
These are found principally in Seed et al (1971, 1973, 1975a), b), and c),
1976, and 1978). The procedures from Seed et al (1971a)), adjusted for
sloping ground, have been used for the analysis included with this

document. The results of the analysis are shown on Figure 6, and are

summarized in the following table. Hrae A1 W B
L e
(’ / \\
Earthquake Mean Number Earthquake Factor-of Safety Against Liquefaction
Intensity of Cycles Factor Initial Inicial ~ Initial
Mercalli) ¢ . 3
6.0 5 0.03 g 1.43 121 1.05
7.0 10 0.06 g 1.38 1.16 0.95
7.75 17 0.10 g 1.29 .07 | 0.88
| .
B.25 23 0v15 g 1.19 1.8 0.81
Mot

NOTE: The pore pressure ratio, r,, for the recontoured tailing pile
has been estimated to be 0.38. This value will decrease slowly with time
as temperature equilibrium is achieved in the foundation soils and as
consolidation of these materials continues. Consequently, the factor of

safety with regard to liquefaction potential will increase with time.

Whereas the resistance to liquefaction of the foundation soils,

according to this analysis, is good, it does not preclude the probability\ﬁ

=

Golder 'Associates
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that pore pressures will increase during earthquake loading. Increases in
pore water pressures will occur only on a cyclic basis since the low
permeabilities of the foundation soils will not allow physical
redistribution of water during the short time periods of earthquake stress

application. The increases in pore pressure are due to the temporary

<l

LI s
ey

will last only as long as the earthquake forces are applied. Consequently,/(ﬁ fo
=

imposition of these external forces. In other words, increases in r

/

we have in this particular case, a situation where the slope may begin to /=

- Lt

y Gty

fail, only to be arrested when the pore pressures again drop below the 'y ..t ot
..,/'/ '5 RS X :

critical values with the abatement of seismic forces. fee vf Sl
; 3 ; PO
The paper by Finn et al (1978), is particularly germane to &7 g e |

considerations of the liquefaction potential of the tailing pile founaétionrﬁ :; 
soils under earthquake loading. In the work reported upon in this F
publication, the authors applied dynamic analyses to soils with
permeabilities of 0.01, 0.1 and 1.0 cm/sec., relative densities of 45 and

63 per cent, and using the first 10 seconds of the acceleration component

of the El Centro earthquake (1940) scaled to a maximum acceleration of

0.08 g. The results of these analyses "... provide a clear picture of

what goes on in the saturated sandwich layer during an earthquake. The
earthquake motions generate pressure gradientsrin the pore water, and under
summer conditions, drainage can occur through the surface of the layer.

The amount of drainage depends on the permeability of the layer. If the
permeability of the layer is less than 0.l cm/sec., the effect of drainage

on pore pressures during an earthquake is negligible, and it makes little
difference whether the surface layer is frozen or not, or whether the

analysis is carried out in terms of effective or total stress'", (Finn et al

(1978)).
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It seems reasonable to extrapolate these conclusions to the
situation that exists beneath the tailing pile. The permeabilities of the
fluvial lacustrine deposit are at least 4 orders of magnitude less than the
critical value deduced by Finn et al, and the values in the weathered
argillite are estimated to be at least 2 orders of magnitude less than this
critical value. These factors should account for the higher values of
ground acceleration of 0.1 g and 0,15 g proposed by RMHA as appropriate for
application to the Clinton Creek area.

In view of the considerations outlined in the attached analysis
and in the preceding paragraphs, it is our oﬁinion that the foundation

soils and the tailing pile have almost no potential for liquefactionm

el g y
. [ oyheet
leading to massive failure of the tailing pile. Bl ekt } L

4.3.4 Conclusions
To conclude our considerations of the effects of earthquake

loading on the Wolverine Creek tailing pile, it is our opinion that the

most serious effect in terms of downslope movement of the pile would | ’LJf o

r

\AD W

involve a downslope displacement of the pile of the order of 12 ft;- dﬁe to\
> SE AL

the imposition of ground waves consistent with a magnitude 8-1/4 earthquake
ot

(kpax = 0.15). The probability of such an event occurring in a given ,;aiU

P

year is, according to an extrapolation of the statistical analysis provided™

G eth 5 : Ay A
by the Pacific Geoscience Centre, approximately 0.004. £ ¥§
5.0 RMHA CONCLUSIONS '

(reference pages 7 and 8, RMHA report) VY

The preceding sections should suffice as our response to the

conclusions arrived at in the RMHA report.

Golder Associates
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6.0 RMHA RECOMMENDATIONS

(reference page 7, RMHA report).

a)

b)

c)

Reference sub-para 1, page 7, RHHA report)

In view of the findings presented in our report V77016, July
1978, and in this document, it is our opinion that a failure
in the tailing pile leading to further inundation of
Wolverine Creek is highly improbable. However, in the event
that such a failure does occur, the only reasonable method
available for rehabilitation would be to extend the
Wolverine Creek by-pass channel, constructed at the toe of
the 1974 failure lobe, upstream to include materials from
subsequent failures. It is impossible to produce a detailed
contingency plan beyond this without knowledge of specific

post—failure conditions.

Reference sub-para 2, page 7, RMHA report

It is our opinion that monitoring of movements in the
Clinton Creek waste pile once every two months, as
recommended previously, will be adequate to evaluate
continuing movements in this area, and to determine the

required frequency for further monitoring.
Reference sub-para 3, page 7, RMHA report

A total of seven new monitors to replace the three monitors
U et A2

removed during recontouring of the north lobe of the tailing

Golder Associates



C

-‘h

20.

Pile, and thlEE~EEE_§EEiE?rS to replace the three removed
cREE ]

during recontouring of the 1974 failure lobe of the pile,
have been established according to our recommendations made

Prior to recontouring. Their locations are shown on Figure

7+ These monitors were surveyed on a weekly basis till

November 9, 1978. The average rate of movement of the north
..___——‘-—n—v—-—-__‘_‘

: T
lobe of the tailing pile has changed from approximately 0.40 L?t“J
s e

ft./day before recontouring to approximately 0.04 ft./day (o

PR
==

after recontouring. The rates of movement in the 1974

2/
failure lobe are all of the order of 0.02 ft./day, ( /4?5'%‘jf)

-:~ “

By S 0.

L I e ]

d)

reflecting little immediate change as a result of
Teécontouring. The consistency of the data was such that we
believe that surveys of these installations, as well as the
Temaining undisturbed monitors on the tailing pile, done
€very second month, will suffice to evaluate the

Significance of any continuing movements.

Reference sub-para 4, page 7, RMHA report

Sections of the recontoured tailing pile were surveyed after
Teécontouring was completed. The sections were taken along
coordinate lines 113400 N and 113600 N (1974 failure lobe)
and 114350 N, 114500 N and 114650 N (north lobe). It is our
Opinion that these surveys provide an adequate topographic

View of the tailing pile in its reconstructed state. A map

- of the recontoured tailing pile is included as Figure 7.

. Golder Associates
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e) Reference sub-para 5, page 7, RMHA report
Stability analyses of the tailing pile were done immediately
-__—-—M
hhgggzs recontouring began, using updated survey data so that

\\X\\ the recontouring plan could be finalized, and again
d

immediately following recontouring using survey data taken
= e S S

on the recontoured surface. The results of this work were

discussed earlier in this document.

7.0 SURFACE TREATMENT OF TAILING PILE
(reference RMHA letter, July 31, 1978)

We remain of the opinion that sealing of the surface of the
tailing pile to control the transport of fines by wind or water is

unnecessary.

p A Wind Erosion

It is our opinion that nearly all of the wind blown dust
originated from the belt conveyor system as the tails were transported from
the mill to the tailing pile. With the closure of the mill, this source
has been eliminated.

As a result of the formation of a natural crust on the surface of
the pile, wind erosion of fines from the pile will be minimal except in

localized areas where cracking may occur as a result of continuing 2
¢.Q.C
T

subsidence of the pile. Consequently, unless there is evidence to show e
~ Ao WA

spe

that wind blown fines from the surface of the pile are a hazard to the éa*J%Pfg

gare

environment, or that the naturally forming crust will break down with time, @7 °

Golder Associates
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the installation of an artificial surface sealant will not appreciably
change the existing conditions. Even the best sealants available will
eventually break down as a result of exposure to weathering, ultra violet

light, and successive wetting and drying and freezing and thawing cycles.
A oy ) ax
_CQ.C. Fsinrsshaai

t . WY . r L \ =<
o o 4 ¢\ \

12 Water Erosion o Y

7.2.1 Surface Run-off

There is no evidence that surface water presently collects and
runs off the surface of the tailing pile causing erosion and transport of
fines into Wolverine Creek.

Placing of a surface sealant on the tailing pile would result in
efficient removal of rainfall and snowmelt from its surface provided that
the pile was shaped so that no ponding could occur and provided that the
surface sealant maintained its integrity. However, the application of a
surface sealant could precipitate new problems in terms of the formation of
erosional features in the terrain downslope of the tailing pile or, if the
surface seal deteriorated or cracked for any reason, particularly in
depressions on the surface of the pile, erosional features could form in

these locations causing the transport of fines directly into Wolverine

Creek.

7.2:2 Percolation of Water into the Tailing Pile
The problem of the downward percolation of water and water-borne
asbestos fibre through the tailing pile was raised in the RMHA July 31,

1978 letter. The amount of water that enters the pile through its surface

Golder Associates
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and travels downward and into the foun&ation soils is determined by local
climatic conditions as well as by the porosity and water retention
characteristics of the tails. We have not analyzed this problem in terms
of detailed assessments of the variables. However, observations were made
in cuts up to 65 ft. in height in the 1974 failure lobe during its
recontouring in August and September 1978. The materials were found to be
basically dry throughout the depths of these cuts which suggest that nearly
all of the precipitation which falls on the tailing pile is ultimately
accommodated by evaporation. Consequently, we are of the opinion that the
problem of water-borne asbestos fibre entering the ground water system by
the downward percolation of water through the tailing pile is of debatable
concern.

Yours very truly

GOLDER ASSOCIATES

Mok Crupre

Per: D,.B. Campbell, P. Eng.
E.B. Fletcher, P. Eng.

DBC/EBF:rme

V77016
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SIMPLIFIED PROCEDURE FOR ESTIMATING DAM
AND EMBANKMENT EARTHQUAKE-INDUCED
L EFORMATIONS

By Faiz I. Makdisi,' A. M. ASCE and H. Buiton Seed.’ F. ASCE

InTrODUCTION
.35
In the past decade major advances have been achieved in analyzing the stability

b4 Dfdams and embankments during earthquake loading Newmark (13) and Seed

“(18) proposed methods of analysis for predicting 4= rermanent displacements
‘of dams subjected to earthquake shaking and suzgested this as a criterion of
performance as opposed to the concept of a factur s safety based on limit
equilibrium principles. Seed and Martin (26) used the :near beam Enal\’\lb to
study the dynamic response of embankments tv seivm:ic lcads and presented
a rational method for the calculation of dynami: .visimic coefficients for earth
dams. Ambraseys and Sarma (1) adopted the same ::.cyeu ire Lo study the response
* of embankments to a variety of earthquake motivn-
‘v Later the finite element method was introduced ¢ siudy the two-dimensional
Tesponse of embankments (5,7) and the equivalent L.near method (21) was used
‘successfully to represent the strain-dependent noniinesr behavior of soils. In
addition the nature of the behavior of soils during vyciic loading has been the
subject of extensive research (10,20,23,29). Both the improvement in the analytical
tools to study the response of embankments anc :he knowledge of material
behavior during cyclic loading led to the developmen: ! 1 more rational approach
tothe study of stability of embankments during seism. . . .aing. Such an approach
was used successfully to analyze the Sheffield Dam raiure during the 1925
Santa Barbara earthquake (24) and the behavior o' ne San Fernando Dams
dunng the 1971 earthquake (25). This method has since seen used extensively

in the design and analysis of many large dams in '+ State of California and
clscwherc

Noie —Discussion open until December 1, 1978. To extens he dasmg date one month,
1 written request must be filed with the Editor of Technicai Pubications. ASCE. This
Paper is part of the copynghted Journal of the Geotecnnical Engineering Division,
?'G(ZCCdLnﬂS of the American Somely of Civil Engineers, Voi. 104, No. GT7, July, 1978,

anuscript was submitted for review for possible pubhcatm" on August 30, 1977,

PI'D)CC[ Engr., Woodward-Clyde Consultants, San Fraaocise  Talif.
Prof of Civ. Engrg., Univ. of California. Berkeley, Calif
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‘From the study of the performance of embankments during strong canhquakcsﬁ‘
two distinct types of behavior may be discerned: (1) That associated with loose
1o medium dense sandy embankments, susceptible to rapid increascs in porf,
pressure due Lo cyclic loading resulting in the development of pore pressuref’
cqual Lo the overburden pressure in large portions of the embankment, associated
reductions in shear strength, and potentially large movements leading to almos{
complete failure; and (2) the behavior associated with compacted cohesive c]ayf.
dry sands. and some dense sunds; here the potential for buildup of pore prcssuré‘
is much less than that associated with loose to medium dense sands, the resultini“
cyclic strains are usually quite small, and the material retains most of its static
undrained shearing resistance so that the resulting post-earthquake behavior
is a limited permanent deformation of the embankment. 1}
The dynamic analysis procedure proposed by Seed, et al. (25) has been used
to predict adequately both types of embankment behavior using the ““Strain
Potential”” concept. Procedures for integrating strain potentials to obtain the
overall deformation of an embankment have been proposed by Seed, et al,
(25), Lee (9), and Serff, et al. (27). i
The dynamic analysis approach has been recommended by the Committet
on Earthquakes of the International Commission on Large Dams (3): ‘‘high
embankment dams whose failure may cause loss-of-life or major damage shoui§
be designed by the conventional method at first, followed by a dynamic analysit
in order to investigate any deficiencies which may exist in the pseudo-statical
design of the dam.”’ For low dams in remote areas the Committee recommended
the use of conventional pseudostatic methods using a constant horizontal seismic
coefficient selected on the basis of the seismicity of the area. However, the
inadequacy of the pseudostatic approach to predict the behavior of embankmenlis
during earthquakes has been clearly recognized and demonstrated (19,24,25,26
28). Furthermore in the same report (3) the Commission refers to the conventional
method as follows: ““There is a need for early revision of the convention_ﬂ
method since the results of dynamic analyses, model tests and observalion}
of existing dams show that the horizontal acceleration due to earthquake forces
varies throughout the height of the dam . . . in several instances, this method
predicts a safe condition for dams which are known to have bad major slides.f;
It is this need for a simple yet rational approach to the seismic design of
small embankments that prompted the development of the simplified procedurt
described herein. - g
This approximate method uses the concept originally proposed by Newmark
(13) for calculating permanent deformations but it is based on an evaluatiol
of the dynamic response of the embankment as proposed by Seed and Martit
(26) rather than rigid body behavior. It assumes that failure occurs on
well-defined slip surface and that the material behaves elastically at stress lev
below failure but develops a perfectly plastic behavior above yield. The meth
involves the following steps:

1. A yield acceleration, i.e., an acceleration at which a potential sliding surfalt
would develop a factor of safety cf unity is determined. Values of yiek
acceleration are a function of the embankment geometry, the undrained strengt
of the material (or the reduced strength due to shaking), and the location
the potential sliding mass. ;
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2. Earthquake induced accelerations in the embankment are determined using

dynamic response analyses, Finite eiemer rrocedures using strain-dependent

soil properties can be used for calcuiati; o time histories of acceleration, or
simpler one-dimensional techniques might b« ured for the same purpose. From
these analyses, time histories of average acceicrations for various potential sliding
masses can be determined. ‘

3. For a given potential sliding mass, when the induced acceleration exceeds
the calculated yield acceleration, movements are assumed to occur along the
direction of the failure plane and the magnitude of the displacement is evaluated
by a simple double integration procedure.

The method has been applied to dams with heights in the range of 100 ft-2
ft (30 m-60 m), and constructed of compacted cohesive soils or very dense
cohesionless soils, but may be applicable to higher embankments. A similar
approach has been proposed by Sarma (16) using the assumption of a rigid
block on an inclined plane rather than a deformable earth structure that responds
with differential motions to the imposed base excitation.

In the following sections the steps involved in the analyses will be described
in detail and design curves prepared on the basis of analyzed cases will be
presented, together with an example problem to illustrate the use of the method.
Note, however, that the method is an approximate one and involves simplifying
assumptions. The design curves are averages based on a limited qumber of

cases analyzed and should be updated as more data become available and more
cases are studied.

DeterminaTION OF YIELD ACCELERATION

The yield acceleration, k,, is defined as that average acceleration producing
a horizontal inertia force on a potential sliding mass so as to produce a factor
of safety of unity and thus cause it to experience permanent displacements.

For soils that do not develop large cyclic strains or pore pressures and maintain
most of their original strength after earthquake shaking, the value of ky can
b.e calculated by stability analyses using limiting equilibrium methods. In conven-
tfona] slope stability analyses the strength of the material is defined as either
the maximum deviator stress in an undrained test, or the stress level that would
cause 2 certain allowable axial strain, say 10%, in a test specimen. However,
the behavior of the material under cyclic loading conditions is different than
that under static conditions. Due to the transient nature of the earthquake loading,
an embankment may be subjected to a number of stress pulses at levels equal
to or higher than its static failure stress that simply produce some permanent
deformation rather than complete failure. Thus the yield strength is defined,
for the purpose of this analysis. as that maximum stress level below which
the material exhibits a near elastic behavior (when subjected to cyclic stresses
of numbers and frequencies similar to those induced by earthquake shaking)
2nd above which the material exhibits permanent plastic deformation of magni-
ludes dependent on the number and frequency of the pulses applied. Fig. 1
Shov_vs the concept of cyclic vicic sirength. The material in this case has a
cyclic yiclld strength equal to anout 90% of its static undrained strength and
as shown in Fig. 1(a) the applicauion of 100 cycles of stress amounting to 80%
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of the undrained strength resulted in essentially an elastic behavior with veryg
little permanent deformation. On the other hand, the application of 10 cycles§

of stress level equal to 95% of the static undrained strength led to substantial{

permanent strain as shown in Fig. 1(b). On loading the material monotonically ¢
to failure after the series of cyclic stress applications, the material was found}
to retain the original undrained strength. This type of behavior is associated}
with various types of soils that exhibit small increases in pore pressure during]
. cyclic loading. This would include clayey materials, dry or partially saturated
cohesionless soils, or very dense saturated cohesionless materials that will notf
undergo significant deformations, even under cyclic loading conditions, unless?
the undrained static strength of the soil is exceeded. é

Seed and Chan (20) conducted cyclic tests on samples of undisturbed and}
compacted silty clays and found that for conditions of no stress reversal and:
for different values of initial and cyclic stresses, the total stress required to;
produce large deformations in 10 cycles and 100 cycles ranged between 90%-1 10%%
of the undrained static strength. g

Sangrey, et al. (15) investigated the effective stress response of clay under!
repeated loading. They tested undisturbed samples of clay (LL = 28, PI =}
'10) and found that the cyclic yield strength of this material was of the order}
of 60% of its static undrained strength. }

- Ungromed Strangth

Stram
il AP __wsn‘lm%ﬂw
b Cpench St

100 Cycen

Sion il

o) ks 1] =

. p:

FIG. 1.—Determination of Dynamic Yield Strength i

Rahman (14) performed similar tests on remolded samples of a brittle silt);

clay (LL = 91, PI = 49) and found that the cyclic yield strength was a function
of the initial effective confining pressure. For practical ranges of effective;
confining pressures the cyclic yield strength for this material ranged between!
80%-95% of its static undrained strength. At cyclic stress levels below the
yield strength, in all cases, the material reached equilibrium and assumed an
elastic behavior at strain levels less than 2% irrespective of the number ok
stress cycles applied. 3

Thiers and Seed (28) performed tests on undisturbed and remolded samplcgiﬁ
of different clayey materials to determine the reduction in static undrained strength
due to cyclic loading. Their results are summarized in Fig. 2 which show
the reduction in undrained strength after cyclic loading as a function of th¢
ratio of the “‘maximum cyclic strain” to the “‘static failure strain.”” These result§
were obtained from strain controlled cyclic tests; after the application of 206
cycles of a certain strain amplitude, the sample was loaded to failure monotonicall
at a strain rate of 3% /min. Thus from Fig. 2 it could be argued that if_it

clay is subjected to 200 cycles of strain with an amplitude less than half it} 7

static failure strain, the material may be expected to retain at least 90% ob
its original static undrained strength. &
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Andersen (2), on the basis of cyclic simple shear tests on samples of Drammen
clay, determined that the reduction in undrained shear strength was found to
be less than 25% as long as the cyclic shear strain was less than =3% ecven
after 1,000 cycles. Some North Sea clays, however, have shown ; strength
reduction of up to 40% for the same level of cyclic loading. 4

On the basis of the experimental data reported previously and for values

ABLE I."" Nlaxﬂnulll CYC“C S'iaﬂ' Stlﬂlns Ca]cu[atad !lai“ D,IIBH‘NE F
I nite E]Bmant

Maximum
Em:a.nl;mem Maximum shear
. eight, Slope, | base accel- | strain,
Magnitude in feet V-5 eration, g percan;sg:
(1) (2) (3) {4) (5)
6-1/2 (Caltech record) 75 2:1 0.5 0.2-0.4
6-1/2 (Caltech record) 150 2:1 0.2 0.1—0.15
6-1/2 (Caltech record) 150 2:1 0:5 0.2—0-3
6-1/2 (Lake Hughes record) 150 2:1 0.2 OlI-O-lS
6-1/2 (Caltech record) 150 2-1/2:1 0.5 0.2-0.3
7-1/2 (Taft record) 150 2:1 0.5 0.2-0.5
7-1/2 (Taft record) 150 2:1 0.2 G.]-Oli
8-1/4 (S-I record) 150 21 0.75 0.4-1.0
8-1/4 (S-I record) 135 =, 0.4 0.2-0.5
Note: 1 ft = 0,305 m.
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FIG. 2.—Reduction in Static Undrained

FIG., 3.—Calculation of Ave A -
Strength Due to Cyclic Loading (29) N Bt i

ation from Finite Element Responsa
Analysis

of cych:c shear strains calculated from earthquake response analyses, the value
S_ﬂ:)\'rclfc vield strength for a clayey material can be estimated. In most cases
eyl Vaaﬁleaxyeuld appear to be Sp% or more gf the static undrained strength.
o calcu{atcu:hmm may be ‘uscdl in an apprO}?natc method of stability analysis

Ay e corresponding yield acceleration.
oufl?ne element response an.alyses (as will be described later) have been carried
0 calculate time histories of crest acceleration and average acceleration
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equivalent linear technique with strain-dependent madiulus ané aamping. The
ranges of calculated maximum shear strajns, fer different magnitude earthauakss !
and different embankment characterisiics, are preserted in Table 1. It can be!
seen from Table | that the maximum cyelic shear sirain induced during the;
earthquakes ranged between 0.1% for & magnitude 6-1/2 carthquake with a:
base acceleration of 0.2 g and 1% for a magnitude 8-1/4 earthquake with a:
base acceleration of 0.75 g. For the compacted clayey material éncountercd§:
in dam embankments *‘static failure strain’’ values usually range between 3%-10%,%
depending on whether the material was compacted on the dry or wet side of:
the optimum moisture content. Thus in both instances the ratio of the “‘cyclic
strain’’ to “‘static failure strain” is less than 0.5. i
It seems reasonable, therefore, to assume that for these compacted coheswca
soils, very little reduction in strength may be expected as a result of strong
earthquake loading of the magnitude described previously. %
Once the cyclic yield strengthis defined, the calculation of the yield acceleration;
can be achieved by using one of the available methods of stability analysis.;
In the present study the ordinary method of slices has been used to calculate;
the yield acceleration for circular slip surfaces using a pseudostatic analysm#
As an alternative one of the writers (18) has suggested a method of combmmg
both effective and total stress approaches, where the shear strength on the
failure plane during the earthquake is considered to be a function of the initial
effective normal stress on that same plane before the earthquake. This method,
iz applicable to noncircular slip surfaces and the horizontal inertia force resuhmg
in a factor of safety of unity can readily be calculated. 4
Having determined the yield acceleration for a certain location of the shp
surface, the next step in the analysis is to determine the time history ofi
earthquake-induced average accelerations for that particular sliding mass. Thxs*
will be treated in the following section.

%

for various potential sliding masses. The method ol anaiyc' ,mplp *hg‘;ﬁi
i
i

DEeTERMINATION OF EARTHQUAKE INDUCED ACCELERATION

In order for the permanent deformations to be calculated for a particulaf'
slip surface. the time history of earthquake induced average accelerations rnust
first be determined.

Two-dimensional finite element procedures using equivalent linear strain;
dependent properties are available (6) and have been shown to provide respons¢
values in good agreement with measured values (8) and with closed- forn‘
one-dimensional wave propagation solutions (17).

For most of the case studies of embankments used in the present analysis
the response calcu_}atio:i was performed using the finite element computer progra
QUAD-4 (6) with strain-dependent modulus and damping. The program use§
the Rayleigh damping approach and zllows for variable damping to be use
in different elements.

To calculate the time history of average acceleration for a specified slidin
mass, the method described by Chopra (4) was adopted in the present study;
The finite element calculation provides time histories of stresses for every elemeul
in the embankment. As shown in Fig. 3, at each time step the forces actm
along the boundary of the sliding mass are calculated from the correspondinf

T
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normal and shear stresses of the finits elements along that boundary. The resultant
of (hESE [BFEES divided by ihe weight of the § sliding masa would give the average
neeélérdﬂdﬂ Ko (1) a&ting on tHE SHEIAE mEss at ihat umam ip timg. The process
i8 répéai_t:’.d for every time siep 10 ealcilale the entire time history of average
acceleration.

For a I50-fi (46-m) high dam subjected to 30 sec of the Taft earthquake
record scaled to produce a maximum base aceeleration of 0.2 g, the variation
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of the time history of k,, with the depth of the sliding mass within the embankment,
together with the time history of crest accelerations, is shown in Fig. 4.
Comparing the time history of crest acceleration with that of the average
acceleration for different depths of the potential sliding mass, the similarity
in the frequency content is readily apparent (it generally reflects the first natural
Period of the embankment), while the amplitudes are shown to decrease as
the depth of the sliding mass increases towards the base of the embankment.
The maximum crest acceleration is designated by il,,,, and k., is the maximum
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average acceleration for a potential sliding mass extending to a specified depth, y‘
It would be desirable to establish a relationship showing the wvariation of:
the maximum acceleration ratio, k,,,/#,.,, with depth for a range of embank-“:
ments and earthquake loading conditions. It would then be sufficient, for des1gn
purposes, to estimate the maximum crest acceleration in 2 given cmbankmcnn
due to a specified earthquake and use this relationship to determine the maximums
average acceleration for any depth of the potential sliding mass. A simplifie k
procedure to estimate the maximum crest acceleration and the natural pcnodi
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of an embankment subjected to a given base motion is described in Appendixi
A of Ref. 11. : _
To determine the variation of maximum acceleration ratio with depth, use
was made of published results of response computations using the one- chmens:onaiar
shear slice method with visco-elastic material properties (1,26). Martin (12)“
calculated the response of embankments ranging in height between 100 ft- 600f
ft (30 m-180 m) and with shear wave velocities between 300 fps-1,000 fps (92
m/s-300 m/s). Using a constant shear modulus and a damping factor of 0.2,
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the average acceleration histories for various levels were computed for embank-
ments subjected to ground accelerations recorded in the El Centro carthquake
of 1940, The variation of the maximum average acceleration. k_,,, with depth
for these embankments with natural periods ranging between 0.26 sec-5.22 sec
is presented in Fig. 5(z). The maximum average acceleration in Fig. S(a)‘is
normalized with respect to the maximum crest acceleration and the ratio,
k_../tmax» plotted as a function of the depth of the sliding mass is presented
in Fig. 5(b).

Ambraseys and Sarma (1) used essentially the same method reported by Seed
and Martin (26) and calculated the response of embankments with natural periods
ranging between 0.25 sec and 3.0 sec. They presented their results in terms
of average response for eight strong motion records. The variation of maximum
average acceleration with depth based on the results reporied by Ambraseys
and Sarma (1) is shown in Fig. 6(a) and that for the maximum acceleration
ratio, k,,./i .., is shown in Fig. 6(b). A summary of the results obtained
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FIG. 8.—Shear Modulus and Damping
Characteristics Used in Response
Computations

FIG. 7.—Variation of Maximum Acceler-
ation Ratio with Depth of Sliding Mass

from the different shear slice response calculations mentioned previousty is
presented in Fig. 7 together with results obtained from finite element calculations
made in the present study. As can be seen from Fig. 7 the shape of the curves
obtained using the shear slice method and the finite element method are very
similar. The dashed curve in Fig. 7is an average relationship of all data considered.
The maximum difference between the envelope of all data and the average
rélationship ranges from £ 0% to £20% for the upper portion of the embankment
and from +20% to £30% for the lower portion of the embankment.
Considering the approximate nature of the proposed method of analysis, the

.use of the average relationship shown in Fig. 7 for determining the maximum

average acceleration for a potential sliding mass based op the maximum crest
acceleration is considered accurate enough for practical purposes. For design
computations where a conservative estimate of the accelerations is desired the
upper bound curve shown in Fig. 7 may be used leading to values that are
10%-30% higher than those estimated using the average relationship.

i A
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CarcutaTion oF PeRmANENT DEFORMATIONS

Oncethe yield acceleration and the time history of average induced acce]crauon

B
for a potential sliding mass have been determined, the permanent dispmcemems ¢

can readily be calculated.
By assuming a direction of the sliding plane and writing the equation ofg

o

at

TABLE Z.—Embankment Characteristics for Magnitude 6-1/2 Earthquake ,§
Embank- :
Case ment Base 4
num- descrip- Height, acceler- Zoan o
ber tion in feet ation, g seconds ko...z2 Symbol® 7
(1) 2) (3) (4) (5)* {6)° I
1 |Example 150 0.2 0.8 (1) 0.31 & il
slope (Caltech (2) 0.12 -
= 2:1 record)
kZmax é
= 60 i
2 Example 150 0.5 1.08 (1) 0.4 @)
slope (Caltech (2) 0.18 o 3
52 record) "
kZmu 1
= 60 S
3 Example 150 0.5 0.84 (1) 0.33 © 5
slope (Lake (2) 0.16 A b
= 2] Hughes E
K2 record) P
4 Example 150 0.5 0.95 (1) 0.49 < &
slope = (Caltech (2) 0.22 v ¢
2-1/2:1 record) W
S0

5 Example 75 0.5 0.6 (1) 0.86 e

slope (Caltech (2) 0.26 2
= 1] record) :
By i
p t
i

*Calculated first natural period of the embankment.

®Maximum value of time history of: (1) Crest acceleration; and (2) average acceleration

for sliding mass extending through full height of embankment.
“Legend used in Fig, 9a).

Note: 1 ft = 0.305 m.

R

motion for the sliding mass along such a plane, the displacements that would §
occur any time the induced acceleration exceeds the yield acceleration may;
be evaluated by simple numerical integration. For the purposes of the soil types 3
considered in this study, the vield acceleration was assumed to be constant
throughout the earthquake,

The direction of motion for a potential sliding mass once yielding occurs

4
3
x
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was assumed to be along a horizontal plane. This mode of deformation is not
uncommon for embankments subjected to strong earthguake shzking, and is
manifested in many cases in the field by the development of longitudinal cracks
along the crest of the embankment. However studies made for other directions
of the sliding surface showed that this factor had little effect on the computed
displacements (11).

Tocalculate an order of magnitude of the deformations induced in embankments
due to strong shaking a number of cases have been analyzed during the course
of this study. The height of embankments considered ranged between 75 fi-150
ft {23 m-46 m) with varying slopes and material properties. The embankments
were subjected to ground accelerations representing three different earthquake
magnitudes: 6-1/2, 7-1/2, and 8-1/4,

The method used for calculeting the response, as menticred earlier. is a
time-step finite element analysis using the equivalent linear method. The strain-
dependent modulus and damping relations for the soils used in this study are
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FIG. 9,—Variation of Permanent Displacement with Yield Acceleration: (a) Magnitude
6-1/2 Earthquake; (b) Magnitude 7-1/2 Earthquake

presented in Fig. 8. The response computation for each base motion was repeated
for a number of iterations (mostly 3-4) until strain compatible material properties
were obtained. In each case both time histories of crest acceleration and the
average acceleration for a potential sliding mass extending through almost the
full height of the embankment were calculated, together with the first natural
period of the embankment. In one case however, time histories of average
acceleration for sliding surfaces at five different levels in the embankment were
obtained (see Fig. 4), and the corresponding permanent deformations for each
lime history were calculated for different values of yield acceleration. It was
found that for the same ratio of yield acceleration to maximum average
Acceleration at each level, the computed deformations varied uniformly between
amaximum value obtained using the crest acceleration time history to a minimum
value obtained using the time history of average acceleration for a sliding mass
¢xtending through the full height of the embankment. Thus it was considered
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ufficiert for the remaining cases 1o compute the deformations only for these:
wo levels. o

Table 2 shows details of the embankments analyzed using ground motions
representative of a magnitude 6-1/2 earthquake. The two rock motions used
were those recorded at the Cal Tech Seismographic Laboratory (S90W Compo-
nent) and at Lake Hughes Station No. 12 (N12E) during the 1971 San Fernando
ecarthquake, with maximum accelerations scaled to 0.2 g and 0.5 g. The computed
natural periods and maximum values of the acceleration time histories are also.
presented in Table 2. The computed natural periods ranged between a value
of 0.6 sec for the 75-ft (23-m) high embankment to a value of 1.08 sec for
the 150-ft (46-m) high embankment. Because of the nonlinear strain-dependent

b+

TABLE 3.—Embankment Characteristics for Magnituda 7-1/2 Earthquake

| Embank- :‘T
Case ment Base ¥
num- descrip- Height, acceler- T 0
ber tion in feet ation, g seconds R Symbol® )
) (2) {3) (4) (5)" (6)° (T 5
1 Example 150 0.2 0.86 (1) 0.41 ® :
slope (Taft (2) 0.13 B

= 2:1 record)
k!mn ]
= 60 '5
2 | Example 150 0.5 1.18 (1) 0.54 @ &
slope (Taft (2) 0.21 [
= 2:4 record)
klma! 'r.'.
= E
3 Example 150 0.2 0.76 (1) 0.46 (O] i
slope = (Taft (2) 0.15 ViR |
2-1/2:1 record) %
k2max
' i

*Calculated first natural period of the embankment. /
®Maximum value of time history of: (1) Crest acceleration; and (2) average acceleration

for sliding mass extending through full height of embankment. 31
“Legend used in Fig. 9(b). -;;
Note: 1 ft = 0.305 m. %

behavior of the material, the response of the embankment is highly dependent
on the amplitude of the base motion. This is clearly demonstrated in the ﬁr.}!
two cases in Table 2, where the same embankment was subjected to the sam:
ground acceleration history but with different maximum accelerations for ea

case. In one instance, for a base acceleration of 0.2 g the calculated maximufl
crest accelerations was 0.3 g with a magnification of 1.5 and a computed namrgj
period of the order of 0.8 sec. In the second case, for a base ar.r:ele:ratiq;1
of 0.5 g the computed maximum crest acceleration was 0.4 g with an attenuatiot
of 0.8 and a computed natural period of 1.1 sec. e

From the time histories of induced acceleration calculated for all the ca_sg
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described in Table 2 and for various ratios of yield acceleration to maximum
average acceleration, k,/k_,,. the permanent deformations were calculated by
numerical double integration. The results are presented in Fig. 9(a) which shows
that for relatively low values of yield acceleration, k,/k_,, of 0.2 for example
the range of computed permanent displacements was of the order of 10 cm—'l{;
cm (4 in.-28 in.). However, for larger values of k,/k_,,., say 0.5 or more
the calculated displacements were less than 12 cm (4.81a.). It should be emphasizec,i
that f'or_ very low values of yield accelerations (in this case k /k = 0.1)
the basic assumptions used in calculating the response by the Jbf'xni:'c;nelemv::nt

TABLE 4.—Embankment Characteristics of [dagnitude 8-1/4 Earthquzake

Embank-
Case ment Base
ngm- descrip- Height, acceler- Tain
er tion in feet ation, g seconds k ¥
i B Symbol
) (2) 3) (4) {5)° (8)° {7)
1 Chabot 135 0.4 0.99 (1) 0.57 @]
Dam (S-I Synth.
(average record)
proper-
ties)
Chabot 135 0.4 1.07 (1) 0.53 Pay
Dam (S-1 Synth.
(Lower record)
bound)
Chabot 135 0.4 0.83 1) 0.68 O
Dam
(Upper
bound)
2 Example 150 0.75 1.49 (1) 0.74 @
slope (2) 0.34
= 21 5
k;‘.m.u

:Ca]cu.‘;ated first natural period of the embankment.
M‘ax.unum value of time history of; (1) Crest acceleration; and (2) average acceleration
fcn: sliding mass extending through full height of embankment.
Legend used in Fig. 10{a).
Note: 1 ft = 0305 m.

!:nelh‘od, i.e., the equivalent linear behavior and the small strain theory, become
invalid. Consequently, the acceleration time histories calculated for such a case
do not represent the real field behavior and the calculated displacements based
on these time histories may not be realistic.

’ The procedure described previously was repeated for the case of a magnitude
‘j1/2 earthquake. The base acceleration time history used for this analysis
was lha:L recorded at Taft during the 1952 Kemn County earthquake and scaled
lo maximum accelerations of 0.2 g and 0.5 g. The details of the three cases
analyzed are presented in Table 3 and the results of the computations of the
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ermanent displacements are shown in Fig. 9(b). For 2 ratio of k,/kn,, of J
0.2 the caiculated displacements in this case ranged between 30 cm-200 cm;.
(12 in.-80 in.), and for ratios greater than 0.5 the displacements were less than -
25 cm (0.8 f1).

In the cases analyzed for the 8-1/4 magnitude canthguake, an artificial :
accelerogram proposed by Seed and Idriss (21) was used with maximum base |
accelerations of 0.4 g and 0.75 g. Two embankments were analyzed in thisi
case and their calculated natural periods ranged between 0.8 sec and 1.5 sec.;
Table 4 shows the details of the calculations and in Fig. 10(a) the resulis of t
the permanent displacement computations are presented. As can be seen from *
Fig. 10(g) the permanent displacements computed for a ratio of k, /K, of.
0.2 ranged between 200 cm-700 cm (80 in.-28 in.). and for ratios higher than’
0.5 the values were less than 100 cm (40 in.). Note in this case that values:
of deformations calculated for a yield ratio less than 0.2 may not be realistic. —;;}-

An.envelope of the results obtained for each of the three earthquake loadings_’.

i
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FIG. 10.—Variation of Permanent Displacement with Yield Acceleration: (a} Magni:—
tude 8-1/4 Earthquake: (b) Summary of All Data 3

conditions is presented in Fig. 10(b) and reveals a large scatter in the computeé
results reaching, in the case of the magnitude 6-1/2 earthquake, about onﬁ
order of magnitude. 3
It can reasonably be expected that for a potential sliding mass with a speciﬁej_
yield acceleration, the magnitude of the permanent deformation induced b
a certain earthquake loading is controlled by the following factors: (1) Th
amplitude of induced average accelerations, which is a function of the ba
motion, the amplifying characteristics of the embankment, and the location ¢
the sliding mass within the embankment; (2) the frequency content of the averag
acceleration time history, which is governed by the embankment height an§

. | 3
stiffness characteristics, and is usually dominated by the first natural frequency §

of the embankment; and (3) the duration of significant shaking, which is3
function of the magnitude of the specified earthquake. i
Thus to reduce the large scaiter exhibited in the data in Fig. 10(b ), the permane

E
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displacements for each embankment were normalized with respect to its calculated
first naturai period, T, and with respect to the maximum value, k of Llf

average acceleration time history used in the computation. The rc;ultT:‘x“norm :
?1zcd.permanem displacements for the three different canhquakes.are pgrcscmcaci
in' Fig. l‘l(a). .It may be seen that a substantial reduction in the scatter of
the data is .aclncved by this normalization procedure as evidenced by comparin

Lhe. rasultsm.Figs. 10(&) and 11(a). This shows that for the ranges of cmbangme %
hcxghts considered in this study [75 fi-150 ft (50 m-65 m)] the first nazurnl
period of thc'embankment and the maximum value of acceleration t;me hisloa
may be considered as two of the parameters having a majer infiuence on tl'll,y
calcula_ted permanent displacements. Average curves for the normalized t:rmae
nent displacements based on the results in Fig. 11(a) are presented 51 Fi r
11(b). Although some scatter still exists in the results as shown in Fig ]1(;%.
the average curves presented in Fig. 11(b) are considered adequate to [-JIO\r’id;
an order of magnitude of the induced permanent displacements for different

1

%' =
L
87

U/mon 8 Ta- paconds

b}

[eFeee)

10 0 0.2z FT] Ca Ta e
Y/ vaos

FIG. 11.—Variation of Yield Acceleration with: (2) Normalized Permanent Displace-
ment—Summary of All Data; and (b) Average Normalized Displacemant

magnitude earthquakes. At yield acceleration ratios less than 0.2 the average
curves are shown as dashed lines since, as mentioned earlier, the calculated
displacements at these low ratios may be unrealistic. :

Thus,. to calculate the permanent deformation in an embankment constructed
Pf a soil that does not change in strength significantly during an earthquake
it 1s sufficient to determine its maximum crest acceleration, & and. ﬁrs{
natufal period, T,, due to a specified earthquake. Then b}: t};:x;xse of the
rhzlatxonship presented in Fig. 7, the maximum value of average acceleration
Ez:grrz{ kt,g“, for any iE\.fcl of the slpecified sliding mass may be determined.
= penﬁan: c:i1.rvels in Fig. 11(b) with tht;: appropriate values of k_,, and T,
. - nt displacements can .b‘.: determined forany value of yield acceleration
ssociated with that particular sliding surface.
pclr:ht;a;scgt:c;n fassumf:ci earlier in this paper that in the majority of embankments,
o eformations usua.liy occur due to slip of a sliding mass on a horizontal

re plane. For those few instances where sliding might occur on an inclined
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failure plane it is of inlerest to determine the difference between the actual '#

deformationis and those calculated with the assumption of a horizontal failure. \f

plane having the same yield acceleration. A simple computation was made to °

investigate this condition using the analogy of a block on an inclined plane :#

for a purely frictional material. It was found that for inclined failure planes ' 7

with slope angles of 15° to the horizontal, the computed displacements were
10%-18% higher than those based on a horizontal plane assumption. f

9

ArpLicaTion OF METHOD TO EMBANKMENT Susuectep To B-1/4 Machupe
EARTHQUAKE :

To illustrate the use of the simplified procedure for evaluating earthquake-in-
duced deformations, computations are presented herein for the 135-ft (41-m)
high Chabot Dam, constructed of sandy clay and having the section shown #
in Fig. 12. ":

The shear wave velocity of the embankment was determined from a field ?,'
investigation and the strain-dependent modulus and damping were determined

from laboratory tests on undisturbed samples. The dam, located about 20 miles ‘;

6 D Avercge Strengen Proparties, CHOTZME, $13° ?
@ Comservotive Smength Propertes CrOA 1, Boi6 &
)

20 £
200 ¢ %
H :
5 ¥
3 N

20 3

S :

o0

of Embankment e
%
(32 km) from the San Andreas fault, was shaken in 1906 by the magnitude :
8-1/4 San Francisco earthquake with no significant deformations being noted;
peak accelerations in the rock underlying the dam in this event are estimated ?
to have been about 0.4 g. Accordingly the response of the embankment to
ground accelerations representative of a magnitude 8-1/4 earthquake and having i
a maximum acceleration of 0.4 g was calculated by a finite element analysis. ;
The maximum crest acceleration of the embankment, #,,,, was calculated to 4
be 0.57 g and the first natural period, T, = 0.99 sec. The maximum values *

of the calculated shear strain were less than 0.5%. On the basis of static undrained 4

tests on the embankment material, the static failure strains ranged between ‘,
3%-8%, so that for the purposes of this analysis the cyclic yield strength of
this material can be considered equal to its static undrained strength. From ¥
consolidated undrained tests on representative samples of the embankment :
material two interpretations were made for the strength of the material: (1) n
Based on an average of all the samples tested resulting in a cohesion value, f-‘i
c, of 0.72 tsf (69 kN/m?) and a friction angle. &, of 13% and (2) a conservative }
inlerpretation, based on the minimum strength values with a cohesion of 0.4 :

it

FIG. 12.—Yield Acceleration Values for Slide Mass Extending through Full Height - i
4
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tsf (38 kN/m®) and a friction angle of 16°, Using these strength estimates,
values of yield accelerations were calculated for a sliding mass extending through
the full height of the embankment as shown in Fig. 12.

Considering the average relationship of k,, /it,,, with depth shown in Fig.
7, the ratio for a sliding mass extending through the full height of the embankment
(y/h = 0.95) is 0.35, resulting in a maximum average acceleration, k_,,, of
0.35 x 0.57 g = 0.2 g. From Fig. 12 the yield acceleration calculated for the
average strength values is 0.14 g. Thus the parameters to be used in Fig. 11(b)
to calculate the displacements for this particular sliding surface are as follows:
magnitude = 8-1/4; T, = 0.99 sec; k,,, = 0.2; and k, /k,,, = 0.14/0.20 =
0.7. From Fig. 11(b): U/k,,.g T, = 0.013 sec, therefore, the displacement
U=0.013 x 0.2 x 32.2 x 0.99 = 0.08 f1 (0.02 m).

Using the most conservative value of k,,, /.., shown in Fig. 7 of 0.47,

‘the computed displacement would have been 0.58 ft (0.18 m), Similarly using

the conservative strength parameters for the soil (giving k, = 0.07) and the
average curve for k. /i, shown in Fig. 7, the computed displzcement would
have been 1.5 ft (0.45 m). All of these values are in reasonzble accord with
the observed performance of the dam during the 1906 earthquake.

The calculation was repeated for a sliding mass extending through half the
depth of the embankment. The computed permanent displacements ranged
between 0.02 ft-1.08 ft (0.006 m-0.33 m) indicating that the critical potential
sliding mass in this case was that extending through the full height of the
embankment.

ConcLusions

A simple yet rational approach to the design of small embankments under
earthquake loading has been described herein. The method is based on the
concept of permanent deformations as proposed by Newmark (13) but modified
to allow for the dynamic response of the embankment as proposed by Seed
and Martin (26) and restricted in application to compacted clayey embankments
and dry or dense cohesionless soils that experience very little reduction in strength
due to cyclic loading. The method is an approximate one and involves a number
of simplifying assumptions that may lead to somewhat conservative results,

On the basis of response computations for embankments subjected to different
ground motion records, a relationship for the variation of induced average

- acceleration with embankment depth has been established. Design curves to

estimate the permanent deformations for embankments, in the height range of
100 ft-200 ft (30 m-60 m), have been established based on equivalent linear
finite element dynamic analyses for different magnitude earthquakes. The use
of these curves requires a knowledge of the maximum crest acceleration and
the natural period of an embankment due to a specified ground motion.

It should be noted that the design curves presented are based on averages
of a range of results that exhibit some degree of scatter, and are derived from
a limited number of cases. These curves should be updated and refined as
analytical results for more embankments are obtained.

Finally, the method has been applied to an actual embankment that was
subjected to a magnitude 8-1/4 earthquake at an epicentral distance of some
20 miles. Depending on the degree of conservatism in estimating the undrained
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stréngth of-the material and in estimating the maximum accelerations in the
embankment, the calculated deformations for this 135-ft (40-m) clayey embank-
meni ranged between 0.1 £1-1.5 ft (0.3 m-0.46 m). These approximate displacement
values are in good accord with the actual performance of the embankment
during the earthquake,

Whereas the method described herein provides a rational approach to the °
design of embankments and offers a significant improvement over the conven- -

tional pseudostatic approach, the nature of the approximations involved requires
that it be used with caution and good judgment especially in determining the
soil characteristics of the embankment to which it may be applied.

For large embankments, for embankments where failure might result in 2 °

loss of life or major damage and property loss, or where soil conditions cannot
be determined with a significant degree of accuracy to warrant the use of the
method, the more rigorous dynamic method of analysis described earlier might
well provide a more satisfactory alternative for design purposes.
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ADPPENDIX IL.— NOTATION
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= gimernsiorless {requency paramecter, defined by Eq. 6;
- dimensionless damping sociricients in Eq. 12;

= dimensionless dumping ceeflicients in Egs. 10 and T
= damping coeflicients of dampers for mosdel in Fig. &

= gimensionless flexibility confficients in Eq. 3;

= dimensionless flexibility cosificients in Eq. 3;

= \.C_-T_',
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quake is not further complicated by the presence of initial horizontal shear’ i

stresses cue 1o Lhe proximily of significant surface irregularitics. restigations, but the important effect of ground shaking intensity in the field

is well {llustrated by the soil behavior at Niigata In Japan, Records of earth-
quakes for this city exiend back over a period exceeding 1,000 yr, and esti-~
mated values of maxinum ground acceleralions for carthquakes alfecting the
{ tity in the past 370 yr are shown in Fig. 1. These values were determined
. from the relitionships between earthquake magnitude, distance from source
of energy release and maximum ground accelerations suggested by Housner
(0) with appropriate corrcctions for the elfect of local soil conditions based
¢ the recorded ground acceleration of 0.16¢ in the 1964 carthquake., Magni-
tides and epicenter locations for the earthquakes affecting Niigata have been
presented by Kawasumi (10).

FTACTORS KNOWN TO INFLUENCE LIQUEFACTION POTENTIAL

Both laboratory investigations and observations of field performance hav
shown thal the Hquelaction potential of a soll deposit to carthquake moliont
depends on the characteristics of the soil, the initial stresses acting on the
o bR soiland the characteristics of the earthquake involved. The significant factors
T include: .(1) Soil Type; (2) relative density or void ratio; (3) initial confining

3 pressure; (4) intensity of ground shaking; and (5) duration of ground shaking, Y iy i . ¢ e i
i Soil Type.—For cohesionless soils, the soil type is perhaps most caslly § fays % Y hsr;(en in Tig, 1 (hat although the relatively loose sands in Niigata ™
characterized by the grain size distribution. There is some evidence to shox § ‘2'c JCCR Shaxen by 25 carthquakes in the past 370 yr, historical records
that uniformly graded materials are most _susceptible to liquefaction than well- f’how on‘ly thr|ee occasions on'whlch liguefaction has been reported in or near
graded matcrials[ Ross, et al. (24); Lee and Fitton (lﬁ)rand that for uniformly Nligata itself; on these occasions the estimated ground aceclerations were in
i graded soils, [ine sands tend to llquefy more easily than do coarse sands,
TR ey gravelly soils, silts, or clays (18). In a study of bridge foundation displace- o T T r .
TR TR ments in the Alaska earthqualke, for example, Ross, et al, noted that there e g 2 5
*i R r were no cases of bridge damage due to this cause for structures suppoxrted ea g £ 2 F
i { gravels,bul there were many cases of damage for bridges supportedon sands. E i & 5 H
i Again in the Tulul earthquake, Kishida (11) notes that liquefaction occurred at | $ = < >
s a site where the upper 15 ftconsisted of medium sand, but there was no lique- 2 03 i 3 F—
R faction at an adjacent site where the soil in this depth range was a sandy silt. £ 5 : 5
j These ficld observations are supported by the results of laboratory cyclie E E = ; .
b load tests on a wide range of materials (16). ] £ 4 3
i | Relative Density or Void Ratio.—Since the classical work of Casagrand z .
,§ i (2) on the volume changes accompanying shear deformations in cohesionless % E o *
i soils, it has heen generally recognized that the susceptibility of a given soll £ o o B
LB to liquefaction will be determined to a highdegree by its voidratio or relalive § . a * S ":
N d density. In any given earthquake loose sands may liquefy but the same mafe. iy , % 3
i rials in a denser condition may not. : 3 v > ¥ e g - g o R
' In the cily of Niigata, Japan in 1964, for example, liquefaction was exten- § ' - 1500 1600 1700 1800 1900
sive where the relative density of the sand was-about~50-%, but it did net § ' Yeor !

develop in areas where the relative density exceeded about 70 %. Laboratory }
test data of all types shows the important influence of this factor on sofl §
behavior.

Initial Confining Pressure.—There is considerable evidence to show that
under earthquake loading conditions, in contrast to flow-slide susceptibilily |
under static load conditions, the liquefaction potential of a soil is reduced by
an inereasc in confining pressure. Laboratory tests by numerous investiga-
tors (4,5,16,17,18,21,27) have shown that for a given initial density, the stress
required lo inltiate liquefaction under cyclic load conditions increases wlith
the initial confining pressurc., The effect was also shown in the field durlrt § 'f'“ liquefaction potential. _
the Niigata carthquake where soil under a 9 ft fill remained stable, but simls | Duration of Ground Shaking.—The duration of ground shaking is a signifi-
lar soils surrounding the fill liqueficd extensively (26). : tant factor in determining liquefaction potential because it determines in a
feneral way the number of significant stress or strain eycles to which a soil

FIG, 1.—ESTIMATED MAXIMUM GROUND ACCELERATION IN NIIGATA

CEmLsr
By 2

txcess of 0.13g, culminating with the' extensive liquefaction in 1964 when
fround accelerations had their probable maximum value of 0.18g. Of special
Hgnificance, however, is the fact that in 22 other earthquakes producing esti-~
maled ground accelerations ranging from 0.005g to 0.12g, there was no indi-
- fllon of any soil liquelaction in the eity [Kawasumi (10)]. The intensity of
' {rovnd motions must thus be considered an important factor in evaluating

Srpiartel g il s |

_;f', 18 S The Intensity of Ground Shaking.—For a soil in agiven condition and under

a given confining pressure, the vulnerability to liquefaction during an earth
quake depends on the magnitude of the stresses or strains inducedin it by Lhe
earthquake; these in turn ave related to the intensity of ground shaking. Th |
significance of the applicd stresses has been shown by many laboratory ia

Is subjected. All laboralery studies of soil liquefaction under cyclic loading
':tndlttons show that for any given stress or strain level, the onset of lique-
2ction depends on the apnlication of a requisite number of stress or strain
treles, In the field, the importance of this is perhaps best illustrated by the

i
badslides which were (riggered by lqguefactlon in Anchorage during the
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Alaska earthquake of 1964, These slides did notoccur until about 90 sec after &t ; RS e

the earthquake molions started (22) indicating the nced for'development of :

sufficient stress cycles to induce liguefaction and instabpility. Clearlyif the
duration of ground shaking had been-only 45 sec, no liquefaction or soil in-  } Stress

stability would have developed. l

GENERAL METHOD OF EVALUATING LIQUETACTION POTENTIAL

S ESNREIE L g

In view of the evidence that the 2 forementioned five {actorshave a signifi-
cant influence on the liquefaction potential of any soil deposit, it is apparent
& that any method for evaluating liquefaction potentiul should take these factors
i into account. Accordingly, Seed and Idriss (26) propesed a general method for
evaluating liquefaction potential involving the following steps!

Y

Zone of liquefoction

.

1. After establishing the soil conditions and thie design earthquake, deter- Sk
mine the time history of shear stresses induced by the earthquake ground
motions at different depths within the deposit. 1
- 2. By appropriate weighting of the stress levels involved in the various
i stress cycles throughout the earthquake, convert the stress history into an
equivalent number Jnf uniform stress cyeles and plot the equivalent uniform ‘ :
; stress level as a function of depth as shown in Fig. 2. By this means the in- Cyclle stross developed
i 4 tensity of ground shaking, the duration of shaking, and the variation of shear : “ g BRX St t
;g stress with depth within the deposit are taken into account. S e b
P 3. By means of available field data or laboratory soil tests on representa-

? tive samples, conducted under various confining pressures, determine the ;

L cyclic shear stresses which would have to be developed at various depths to }
cause liquefaction in the same number of stress cycles as that determined in
step 2 to be representative of the parlicular earthquake under consideration. 4 |

Either cyclic load triaxial compression tests, or cyeclic load simple shear o 0 1 ¢ . Maximum Sheor Stress - fg's Loy

omox
tests may be used for this purpose., The interpretation of the test data toy § .+ T — O | {Eman
determine the stress conditions causing liquefacticn in the field and the avail- P i .

Cyclic siress cou using
liquefaction in N Cycles
{from testing program)

g
.

) FIG. 2.—METHOD OF EVALUATING LIQUEFACTION POTENTIAL

ability of field data have been presented elsewhere [Seed and Peacock (293 -
However in this way, the $oil type, the in-place condition and the initial effec- ‘
i tive stress condition may be appropriately taken into account; the stresscs l
: required to cause failure ‘may then be plotted us a function of depth as showsn L L
: \ in Flg. . : 3 (Tmoshy = 7h: -UM

4, By comparing the shear stresses induced by the earthquake with those § ° Deprn
required to cause liquefaction, determine whether any zone exists within the LIV (ST i !
deposit where liquefaction can be expected to occur (induced stresses exceed § . oF yif ... die i b |
those causing failure), In applying the method, the stress history at various 3 - ' T Fmead——
depths in a deposit ean best be determined by a ground response analysis (26), § | At e M) RS
possibly conducted in steps to take into account the changing deformatios’ ESeiite o s il "__m"“’G"{ :
characteristics of the soil as the pore pressures built up (28). In most cases Rt g Vs Sl 2 751
this latter refinement is unnecessary because the soil properties do mot § - <% [ -
change appreciably until liquefaction is imminent, Even so,a ground respanse AR (@l
analysis may involve techniques, skills and cquipment which are not readily oF e ‘ i
available, In ti 2 cont| jic load tes g p i ties. F : 7

able, In addition, the conduct of cyclic load tests may present difficul ' FIG, 0.-DETERMINATION OF MAXIMUM SIEAR STRESS

Accordingly, in applying the method over a period of time, simplified tecks '_"- B boat : "
j niques have been developed {or evaluating induccd stresses and soil charac-. AR A Wi oot .

2

(b} ) (¢)
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torislics which ave sufficiently accurate for many practical purposes. These
technigues are described herein.

SIMPLIFIED PROCEDURE FOR EVALUATING STRESSES
INDUCED BY EARTHQUAKE

The shear stresses developed at any point in a soil depositduring an earth-
quake appear to be due primarily to the upward propagation of shear waves
in the deposit. If the soil column above a scil clement at depth : behaved as a
rigid body and the maximum ground surface acceleration were a4, .., the
maximum shear stress on the soil element would be

o h ' (1)

4 e 7 anmxd.........

in whichy = the unit weight of the soil [sce Fig. 3(a)]. Because the soil col-

“umn behaves as a deformable body, the actual shear stress at depth i,

(Tax Ja» 85 determined by a ground response analysis will be less than

T max )y And mighl be expressed by

kel # 5 Urgiagdyior + ¥ 45 R R SR g R

in which ry = a slress reduction coefficient with a value less than 1, The
variations of (Tpyae by And (70 )g Will typically have the form shown in Fig.
3(5) and in any given deposit, the value of »4 will decrease from a value of |
a*(t the ground surface to much lower values at large depths, as shown in Fig.
dleh

Computations of lhe value of 74 for a wide variety of earthquake motions
and soil conditions having sand in the upper 50 ft have shown that 7y falls
within the range of values shown in Fig. 4. It may be seen that in the upper
30 [t or 40 ft the scalter of the results is not greatand for any of the deposils,
the error involvedin using the average values shown by the dashed line would
generally be less than about 5 %, Thus to depths of about 40 ft, a reasonably
accurato assessmentof the maximum shear stress developed during an earth-
quake can be made {rom the relationship

ot
ek T o

. (3)

CGopax ¥d v ree s an e onne R R IR IR R

in which values of 7, are taken from the dashed line in Fig. 4. The eritical

depth for development of liquefaction, if it is going to occur, will normally be .

in lhe depth covered by this relationship.

The actualtime-history of shear stress at any point in a soil deposit during
an carthquake will kave an irregular from suchas that shown in Fig. 5. From
such relationships it is necessary to determine the equivalent uniform aver-
age shear stress. By appropriate weighting of the individual stress cycles,
bascd on laboratory test data, this determination can readily be made. How-
ever after making these determinations for a number of different cascs il
has been found that with a reasonable degree of accuracy, the average equiva-
lent uniform shear siress, T,y is about 65 % of the maximum shear stress,

mag e Combining this result with the preceding expression for T, it fol-
lows that for praclical purpeses, the average cyclic shear stress may be

t

LIQUEFACTION POTENTIAL
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‘determined by

rau»—-{).ﬁsx%amux?vd.........................(4)

The appropriate number of significant stress eyeles N, will depend on the
duration of ground shiking, and thus on the maguiiude of the earthquake,

Represcentative numbers of stress cycles are

Larthquake Magnitude Number of Significant Stress Cycles, N,

of . 10
7-1/2 20
8 30

The use of these values together with stresses determined from Eq. 4, pro-
vides a simple procedure for evaluating the stresses induced at different
depths by any given earthquake for whlch the maximum ground surface ac-

celeration is known.

SIMPLIFIED PROCEDURE FOR EVALUATING STRESSES
" CAUSING LIQUEFACTION

Determiration of the cyclic shear stresses causing liquefaction of a given
scil in a given number of stress cycles may be niade eitker on the basis of
the siress conditions known to have caused liquefaction of sands in previous
earthquakes (29), or by means of an appropriate laboratory test program,
Because available field data are somewhat generalizedwith respect to sand
types and earthquake duration, a laboratory test pregram using cyelic loading
triaxial compression tests is often preferred. The resulis of a.number of
such investigations on soils with different grain sizes, represented by the
mean grain size, D,,, and at a relative density of 50 % are summarized in
Figs. 6 and 7 (29). The results of these tesis are expressed in terms of the

stress ratio o4./(20,) causing liquefaction in 10 cycles and 30 cycles, where .

a4 is the cyclic deviator stress and o, is the initial ambient pressure under
which the sample was consolidated, Although the lests were performed by
different investigators, it may be seen that there is a reasonable degree of
consistency in the results, suggesling thut these data may be used to estimate
the liquefaction characteristics of other sands from a knowledge of the mean
grain size, Dy, The stresses required to cause liquelaction for sands atother
relative densities may be estimated from the fact that for relative densitics
up to about 80 %, the shear stress required to cause mxtnl liquefaction 18
approximately proportional to the relative density.

Also shown in Figs, 6 and 7 are the values of the siress ratlo /o), causing
liquefaction underfield conditions, estimated from (he results ofs:mple shear

tests; 7 is the shear siress developed on a horizontal plane and o), is the

initial effective overburden pressure. It may be scen that the field value of
7/c}, is less than the corresponding value of u,./(2¢,). However the two

stress ratios may be related by ¥

(), = (), er vvervimnneii e

LIQUEFACTION POTENTIAL
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in which ¢, = a corrcclion factor to be applied to laboratory triaxial test representative element at one of these depths i
data to cblain the slress conditions causing liquefaction in the field, Detailed E‘ Consider for example, a deposit of sand for. which D.., o 0.2 o
consideration of the stress conditions intriaxial compression test specimens [ table is 5 it below the ground surface and which is subject d t sk e if

and the limitations of the lest itsclf have led to the suggestion that appropri-~ i by a magnitude 7 earthquake. The average shea:‘r str;scie d Ogroun_d shaking ;.If

ate values of ¢, vary wilh relative density approximately as shown in Fig. 8 L{ cycles will be determined from Eq. 4. At a depth of szonﬁ:lccd e
(29). Thus the test data in Figs. 6 and 7 together with the values of ¢, in Fig. . Fig, 4) giving B & » 7 = 0.95 (sce 4

8 provide a simple means for asscssing the stress conditions likely to cause i : ! E

liquefaction of different soils in the field. For a given soil at a relative D,
the stress ratio causing liquefaction in the field may be estimated from

T Gie Dy
(Gb}mru(zgn)mcrso PRR HUICISE ) Mgl 7S o W P L Wl

in which the suffixes D,. and 50 denote relative densities of D, and 50, respec-

1.0
o8
0.6~ =—- g—’/r/
i 1

04
o2

o]

0 20 40 60 80 100

Relativa Density - percent
TG, 8,—RELATIONSHIP BETWEEN ¢, AND RELATIVE DENSITY

tively, and values of[a,./(20,)] 150 are taken from Figs, 6 and 7. On specific
projects it may often be desirable to perform cyclic load tests to determine
the stress conditions causing liquefaction but for many purposes the use of
Eq. 6 or available ficld data (29) may be adequate.

EVALUATION OF LIQUEFACTION POTENTIAL

to determine whether the shear stress induced at any depth by the earthquake,
tdetermined from Egq, 4, is sufficiently large to cause liquefaction at that
Udep{h, as indicated by the rclationship in Eq, 6. For deposits in which the
water table is at a depth of 0 {t to 10 {t, the critical depth will often be about
20 ft and for those where the water table depth is about 15 it, the critical
depth may be about 30 ft. Thus the evaluation can often be made simply for a

/ In order to evaluate the liquefaction potential of a deposit it is necessary

Tay = 0.65 X 0,05 x -”Ki 7

max - s - OR sl etk Sate 8

L

If the shear stress required lo cz initial Ii ion i
s e q cause initial liquefaction in 10 cycles is Tlios
o (2%)15050 B < S b e 8 B bR o B
However for a soil with Dso = 0.2 mm, the data in Fig, 6 show that
Eia) &~ (0,24
() 024 iy £4% A% won D BT R § 9E d e D)
BVing 750 % 024 0, 2x e, L.l , (10)
The sand will develop initial liquefaction In 10 cycles if
Vg TR o s ura il Vs wi Baile g Stk s s o (11)
Le. 0.65 x 0,95 x Xk = 2 :
5 7 @max 0.2401,5—01'c,..........:....... (12)
“opr Zmax 0.24 o! s
£ 065X 0.5 %50 75 rPr ;
EO‘OO7BE’QCD 'll_fllIll‘Illllllln‘;‘;.‘(Is)
vh Sr7r
i
For a wat or ! il ele
ok frm. er table 5 {t below the ground surface and a soil elgment at a depth
'}*h'“—“20><112mZ,ZéOpsf................ (14)
% =8 X112+ 15X 50 = 1,310 p6F oy, is., (15)
Thus &max 1,310 |
g = 0.0078 fozTo‘ €l
R 1T SRS P SATPEII ()

& 0,0046 ¢, D,

The relationship between a n indi i i
e max and D, indicated by this equation may be

D, Cyp (from Fig, 8) “nmx/&’ = 0.0046 ¢,D,
30 0.55 . 0

40 0.55 o:ggg

2 0,57 0.131

60 0.60 0.166

10 0.84 0.205

80 0.66 0,250

i
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TABLE 1,—SITE CONDITIONS AND EARTHQUAKE DATA FOR

Approximate
distance {from Depthof
Barthguake | Date | Maenitude Site e?t?;l;c TC;E_ Soil type t:l;';f:ﬁn
lease,in fect
miles
(1) (2) (3) (4) (5) (6) (7)
Niigata 1802 6.6 Niigata 24 Sand 3
Niigata 1602 6.6 Niigata 24 Sand 3
Niigata 1887 6.1 Niigata 29 Sand 3
Niigata 1887 6.1 Niigata 29 Sand "3
MinoOwari | 1891 8.4 Ogaki 20 Sand 3
MinoCwari | 1891 - 8.4 Ginan 20 Sand 6
West .
Mino Owari | 1801 8.4 Unuma i 20 Sand and gravel 6
MinoOwarl | 1891 8.4 Ogasc 20 Sand 8
Pond
Santa 1925 6.2 Sheffield i Sand 15
DBarbara Dam
El Centro 1940 7.0 Brawley 5 Sand =15
El Centro 1940 7.0 All-Am, 5 Sand =20
Canal
El Ceniro 1940 7.0 Solfatara S Sand 5
Canal
Tohnankai 1944 3.3 Komei 100 Sand 5
Tohnankai 1944 8.3 Meiko St. 100 Silt and sand 2
Fukui 1948 Tl Takaya 4 Sand 11
Fukui 1948 1.2 Takaya 4 Sand 3
Fukui 1948 7.2 Shonenji 4 Sand 4
Temple
Fukui 1948 Tl Apr. 4 Sand and silt 3
Union
San 1957 5.5 Lake 4 Sand 8
Francisco Merced
Chile 1960 8.4 Puerto =TQ Sand 12
Montt
Chile 1960 8.4 Puerto 270 Sand 12
Montt
Chile 1960 5.4 Puerto =70 Sand 12
Montt
Niigata 1964 .5 Niigata 32 Sand 3
Niigata 1964 7.5 Niigata 32 Sand 3
Niigata 1964 7.5 Niigata 32 Sand 3
Niigata 1964 Te Niigata . 32 Sand 12
Alaska 1964 8.3 Snow G0 Sand 0
River
Alaska 1964 8.3 Snow 60 Sand 8
River
Alasla 1964 8.3 Quartz 70 Sandy gravel 0

Creelk
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KNOWN CASES OT LIQUEFACTION AND NONLIQUEFACTION
Maxlmum :
Average pene- ; o
crtical tratlonro- | Zolitiee | momd |Dumien)
depth, si.stancu;lat asa 1':{‘:rl . ;lr'.cclc- ing, ‘In behavior Raforencos
In fect 3:“&? 5 cenlage | ration,in | seconds '
P ' units of &
(8) (9) (10) (11) (12) (13) (14)
20 6 53 0.12 ee20 Noliquefactiont Kawasumi (10)
20 12 64 0.12 ~20 |Noliqucfactionl| Sced and
i Idriss (26)
20 6 53 0.08 =12 I\'oliquct'zxctioni Kawasumi (10)
20 12 G4 0.08 @12 |Noliquefaction!| Sced and
‘ Idriss (26)
45 17 G5 0,35 =75 | Liquefaction |Kishida (12)
30 10 55 220,35 =75 |Liquefaction |Kishida (12)
25 19" 75 ~0,35 =75 | Noliquefaction | Kishida (12)
20. 18 72 =0.35 75 |Liquefaction |[Kishida (12)
25 - 40 0,2 15 | Liquefaction Seed
et al, (28)
=15 -— 58 =0.25 30 |Liquefaction [Ross (23)
=25 - 43 ~0.25 30 ' |Liquefaction |Ross (23)
=20 - 32 0,25 30 |Liquefaction. |Ross (23)
13 4 40 =0.08 =70 |Liquefaction |Kishida (12)
8 1 30 20.08 =70 |Liquefaction |Kishida (12)
© 28 18 72 20,30 =30 |Liquefaction |Kishida (12)
23 28 20 0,30 =30 |Noliquefaction | Kishida (12)
10 3 40 0,30 =30 |Liquefaction A |Kishida (12)
20 b ; 50 «0.30 =30 |Liquefaction . |Kishida (12)
S 10° i 55 «0.18 18 ' |Liquefaction |Ross (23)
y :
15 G 50 0,15 =75 |Liquefaction Lee (15)
15 8 55 0,15 75 |Liquefactlon |Lee (15)
20 18_ 75 =0.15 =75 ' |Noliquefaction | Lec (15)
20 6 53 0.16 40 |Liquefaction  [Sced and
.| Idriss (26)
25 15 70 0.16 40 |Liquefaction |Kishida (11)
20 12 G4 0.18 40 ' |Noliquefaction |Seced and
: ‘ Idriss (26)
25 6 53 0.16 40 |Nollquefaction |Seed and
Idriss (26)
20 5 50 =0,15 180 |Liquefaction |Rossctal.(24)
20 5 4t 0,13 180 |Liquefaction |[Ross etal,(24)
=25 40-80 100 =0.12 180 |[Noliguefaction |Ross ctal. (24)
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TABLE 1,— CONTINUED

1 2 3 . 3 6 7 {
- (1) (9;1 (8) : (:) (rl_ = (6) ()0 L8 {9) (10) (11) (12) (12 (1)
Alaska 1964 3 cott 53 3an i 20 1 —
Clncice A ; 65 | 0.6 | 180 |Liquefctin | Ross ctal.(2)
Alaska 1964 8.3 Valdez 3% Sand and gravel 5 i =20 13 G8 ~0.25 180 {Liquofaction ot
rax = actio oulter and
Tokachlokl | 19G8 7.8 Hachinohe| 45 to 110 Sand 4 S RNE ? Migliacelo (3
Tokachlokl | 1968 [, 7.8 Hachinoho| 45 (o 110 Sand 3 T g gg g-gi 42 Noliquetaction| Ohsakl (20) &
Tounchiokt | 1966 | . 7.8 | Hochinohe| -45tc110: | Sand 5 “ 10 e Ml 45 |Liquolaction | Ohsaki (20)
Tokachiokt | 1968 | 7.8 |Hakodate 100 | Sund 3 il [ <PE g e Tl i O b B
i quefaction Kishlda (13)
and the relationship can be plotted as shown in Tig 9, I, for any given value e
¢ Standerd P i i5 B
of maximum ground acceleration, the relative density of the deposit exceeds 0 : ozro cne:gw" RZSC'J"""“' N = biows per foor
the value indicated by this relationship, ligucfaction would not be expected to 0 L O
occur, and vice versa. Relationships compuled following the same procedure
for water table depths of 10 ft and 15 ft are also ploited in Fig, 9, indicating | |
the lower degree of liguefaction potential resulting from a greater depth of . \
water table. prly , BN s
Similar computations can readily be made for other soil types, depths of ) s

water table and number of stress cycles, Soils having the greatest suscepti-
bility to liquefaction appear to pe very fine uniform sands, with Dg, of the
order~of 0.08 mm, For such materials the rclationships between @qx and
relative density for which initial liquefaction would just occur in an earth-
quake producing 20 stress cyeles for different water table clevations are
shown in Fig. 10,

In general when liquefaction of sands develops in the field, the mean grain
size might be expected to range from 0,075 min to about 0.2 mm and the num-
ber of stress cycles from 10 to 20, Thus the boundarics between conditions
which do and do not liquefy might normally be expected to be within the range. §
by the conditions: Dy, = 0.075 mm; N = 20; Dgo = 0.2 mm; N, = 10, The
computed relationships between relative density and maximum ground ac-
celeration for which initial liquefaction will just occur for these conditions
are plotted in Figs. 11and 12 for water table depths of 5 ft and 10 ft, respec-
tively. For carthquakes exceeding about Magnitude 7 and appropriate water

Effective Overburden Pre‘ssure = kips per sqfi. r
o
o
b e

table depths, it might”therefore be expectcd that combinations of relative { . j *
density and maximum ground suriace acceleration falling above the upper y . 8 1
curve (D =~ 0.2 mm; Np = 10) in Figs, 11 und 12 would often cause lique- 3 . . gl m%\ 401-\ ‘ \
faction; combinations falling below the lower curve (Dgp = 0.073 mmj N, = % .y 3‘13" ‘-"?" 50‘? -70(% ¢ 80% - 90%
20) would usually be safe against liquefaction; while combinations falling be- R : 9 A A
tween the curves might cause liquefaction or not, depending on the particular ; A \ \ \ \ : ,
combination of conditions involved. It is belicved that gharts of this type cas 3 2 o o . )
provide a useful g-uide1 in the evaluation of soil liquefaction potential during § - - oy
earthquakes, : : ] ; FIG. 13.—RELATIONSHIP BETWE NE TGN —
| . | R AT DI ST R R T A

'

f - 'AND HOLTZ) "l )

COMPARISON OF LIQUEFACTION POTENTIAL EVALUATIONS § g LR N =

WITH FIELI? BEHAVIOR f‘-‘;ﬁt:;gle:;nct; of soils In }tlhe field. Accordingly a compilaticn has,been made of
] of cases in which s ave 4 : o i

The only reliable method for determining (he uscfulness of any method of & 2arthquakes. The soil conditi;ls iiﬁiiiésg:g:iekor hg‘; s "Lque.f:ed. during ]

evaluating liquefaction poteatial is by comparing ils results with the knows § fases are summarized in Table 1, A PHEBICTRRR R B haee

o~
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In most cases no direet mcasurement of rclative density was made but
dala were available concerning the standard penetration resistance of the
depesits, In these cases the in-situ relative density was determined from the
reiationship between relative density, penelration resistance and effective
overburden pressure proposced by Gibbs and Holtz (7), This correlation is
presenied in Tig. 13,

In addition, measurements of maximum ground accelerations were avail- -

able for only a [few cases. Thus in most cases it was necessary to estimate
the maximum ground surface accclerations from the approximate relation-
ships between earthquake magnitude, distance from zone of energy release,
and maximum ground acceleration proposed by Housner (9).

In this way, for locations where the water table was about 5 ft below the
ground surface, it was possible to detcrmine combinations of relative density
and maximum ground surfacc acceleration for 15 cases where liquefaction is
known fo have occurred and eight cases where liquefaction did not develop,
These cases are plottedin Fig. 11, larger symbols being used for cases where
ground motion measurements were available and smaller symbols for cases
where ground motions had to be estimated.

For locations where the water table was about 10 ft below the ground sur-
face it was pessible to determine combinations of relative density and maxi-
mum ground surface acceleration for eight cases where liquefaction is known
to have occurred and six cases where liquefaction did not develop. These
cases are plotied in Fig, 12.

It may be seen from Figs. 11 and 12 that the liquefaction behavior of soils
in the field is in reasonably good agreement with the anticipated behavior
determined by the simplified procedure for evaluating liquefaction potential.

It appears therefore thatevaluations of this type provide not only a convenient-

means of summarizing available knowledge of conditions causing liquefaction
in the field in past earthquakes, but also of extending this information to
different conditions of relative density and maximum ground accelerations.

COMPARISON OF LIQUEFACTION PCTENTIAL EVALUATIONS WITH
LIMITING CONDITIONS FOR LIQUEFACTION AT NIIGATA

In the Niigata earthquake of June 16, 1964, extensive liquefaction occurred
in some parts of the city, but not in others. The maximum ground accelera-
tion recorded in the city was 0.16g. Following the earthquake Japanese engi-
neers made defailed studies to determine the differences in soil conditions

between the heavy damage area wherc liquefaction occurred and the light

damage area whare lliquefaction did not develop. It was concluded that the
essential difference was a somewhat higher relative density, as evidenced by
higher values of the standard penetration resistance, in the light damage area
as compared with the heavy damage area. Independent $tudies by Kishida (11)
and Koizumi (14) led to the delineation of boundaries, in terms of variations
of penetration resistance with effective overburden pressure, between those
soil conditions producing liquefaction and those for which liquefaction did not
occur, (see Fip. 14),

It is interesling to comparc these poundaries with those which might be
determined by the simplified procedure for evaluating liquefaction potential.
For the conditions at Niigata, the mean grain size for the scil ranged {rom
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about 0.1 mm to 0.5 mm, the water table was about 5 ft below the ground sur-.
face, and the earthquake (Magnitude about 7.6) could be expeceted to produce
about 20 significant stress cycles. Reference to Fig. 11 shows that for these
conditions and a maximum ground surface aceeleration of 0.164, it would bhe
necessary for the sand lo have a relative density of about 72 % to be margin-
ally safe against liquefaction, Thus the limiting conditions for no liquefaction
to oceur would be cxpacted to correspond approximately with a relative dens-
ity condition of about 72 % in the upper 30 ft. Combinations of cffcetive over-
burden pressure and siandard penctration resistance corresponding to this
relative density may be read directly from Fig. 13, and they are plotted in
Fig. 14. It may be seen thal the boundary between zones of liquefaction and
no liquefaction determined in this way is in reasonably good agrecement with

Stondord Panelrotion Mosistonce, N - blows par foat

Qa 1c 20 30 -
o 40

Light demage ~
no liqudlaclion

0.8 frr e — e

-
|
i
.
|
i

10—

Etftactiva Ovardurden Preasurs — tons per sq.ft

i
Huavy domnge Tl
and liquafoction [
| [
i 1
"
1 1
| 1
15 |
! .
------- Aoundary datermined by domage survey (Kishida) ThR

————— Boundary detarminad by fitld observationd{Kalgumi)
Poundary indicated by Figs 11 and 13

2.0

FIG. 14.—ANALYSIS OF LIQUETACTION POTENTIAL AT NIIGATA FOR EARTH-
QUAKE OF JUNE 16, 1964 ;
the boundaries determined by Kishida and Koizumi on the basis of field
observations.

CHARTS FOR EVALUATING LIQUEFACTION POTENTIAL IN
TERMS OI' PENETRATION RESISTANCE

Both the simplified analysis procedure described previously and the data
in Figs. 11 and 12 may rcadily be used to develop simple charts for the eval-
vation of liquefaction potential in terms of penetration resistance values, For
example on the basis of the analytical and field data shown in Fig, 15 (repro-
duced from Fig. 11) it is very unlikely that combinations 6f maximum ground
acceleration and relative density falling below line YY would cause lique-
faction. Similarly it is highly probable that combinations of maximum ground
acceleration and relative density falling above line XX would cause liquefac-
tion of sands in which the depth of water table is about 5 ft, Thus for any given
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value of ‘maximum ground acceleralion, it is possible to designate three
ranges of relative densities: (1) A range in which lquelaction is very likely )
to oceur; (2) a range in which liquefaction may o1 may notoccur depending on Stondard Penctration Resistonce blows/1s Slendard Ponctratiun Aesistonce - biowa/f1,
the characteristics of the sand and the number of significant stress cycles o0 1020 3040 50 60 o2 0. 20 . 30 . 4080 %@
produced by the edrthquake or the earthquake magnitude (zone between XX Ol LT N R [ ' L] ;
and YY in Fig, 15); and (3) a range in which liquefaction is very unlikely to " /A = 7 Fri e
occur, For sites consisting of sands with the waier table about 5 ft below the : e e e v
ground surface, the results in Fig. 15 would indicate the ranges shown in ¢ % -, v, / ‘ !
" : ; - s 20 A — Yy e s B Y e
i o 1 ? o h e T X 1
TABLE 2.—~VALUES OF RELATIVE DENSITY /§é5 Liguefoction very unlikely N vV : tl?;e;:[c{;;:’ |
: 4 30 A LA -} A /.‘.;-'.‘"L.'.,-,\_-T_..HL,JW___
e ; :ifszz.m.ﬂx 5 T N
Maximum ground Liquetaction Liquoiacnon.p?tenual Liquefaction % so|Lian. [ depends on & 3 !
surface verv likel depends on soil type and oo Tt £ #Overy Yaoi e onc £ A0
acceleration YR, earthquake mugnitude ¥ ¥ a  |likely ﬁgm‘ﬂ‘: & ';’e“r';f,'ﬁi'r;""
(1) . (2) . (3) (4) 50 ey / sl
0.10¢ Dy< 33 ‘ 33 < D, < 54 D, > 54 ) ////A
0.15¢ D, < 48 . 48 <D, <73 D, > 73 &6 /. »
0.20g Ve B D 60 < D, < 85 ‘D, > 85 : W /
0.25¢ D, < 70 T0 < D, < 92 D, > 82 / g e &
4 8 70 E o, s 70 J—
Maximum ground surfoce occelerolion = 0,159 Moximum ground surfoce cecelerction 80,254
04 i 80 | J ] | l o 80 | 1 : S | i
4 —T :
\"\- ! 1
. 4" @ FIG. 16.—LIQUEFACTION'\POTENTIAL EVALUATION CHARTS FOR SANDS WITH
WATER TABLE AT DEPTH OF ABOUT 5 FT
70'3 Standord Penetration Rasisionce =blows/ft. Stondard Per;=1rn|icn Resislonce - blows/f1.
§ &2 ‘o 20 30 40 50 €0 40 0 _ ‘20 so. 40 50 60
E . ¥ ¥ + 1]
g AT o . ’
Foz R s i ot e e I S ke & h s
3 / : : i
20 ALSN : !
E R R = ) |
EOJ % Liguefaciion very untikely i i ///?, fi-w'mon weryuntiely
3 -+ L'i__n’?x ) 4 /’Liqwlu:t:::\,m i
H Tc i § Fak L5y E = ! polenticl
T ao|Han.{ipss| | : | S o imetasion CSepncs o
a ?13, type ond : & Sl -?355;“?:‘5%'"5
0 & ecrthqul & MR o0
s} 20 40 60 B8O [eie] mognilude e ; 1 g P2 EE L
Relaliva Densily = percent 50 LA g g L 50 /// / 4

FIG. 15.—~EVALUATION OF LIQUETACTION POTENTIAL FOR SNADS—WATER
TABLE 5 F'l' BELOW GROUND SURFACE

Table 2. The values of relative density listed in Table 2 can readily be con-
verted to corresponding values of standard penciration resistance by means
of the correlation shown in Iig. 13, thus leading to liquefaction potential
evaluation charts such as those shown in Fig, 16. Charts for a water table
depth of 10 ft are,shown In Fig. 17 and similar charts for other depths of
water table can readily be developed. However, il may be seen that the range
of penetration resistance values in whiel the liquefaction potential depends
on the soil type and the earthquake characteristics is considerable; for con-

r\.

‘ / ‘ i ATy

L L L L LT
,60 $ /// 1 - ///ﬁ,// ?f?/ %
70 : / s : g - {/f/!//t’;i////f

o

* Moximum gqround surface cccelerdtion s G.15¢ Mommum ground surfoce cocelergtion = Q.25

o PR R O T N e A R T F

FIG. 17.—LIQUEFACTION POTENTIAL EVALUATION CHARTS IFOR SANDS WITIH
WATER TABLE AT DEPTH OF ABOUT 10 FT
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Stendard Penetralion Resistance, N = blows /ft,
o2 10 20 30 40 50 60
16
20{--
20
451
1
£ .
4 50
o
60
70
Omax * O.g Q.15¢ 0209 0.25¢

o—--—a Ohsoki
80)-~ p.-mm=0 Kishida

Liquefaction very unlikely for any soil ernd for any
carthquoke if penetration resistance values excecd those
shown cbove; hoewovar lower values adequate for some

90~ conditions (see Figs 16 and I7). —

! L | l [

FIG, 18.—PENETRATION RESISTANCE VALUES FOR WHICH LIQUEFACTION IS UN=-
LIKELY TO OCCUR UNDER ANY CONDITIONS

ditions within this range it would be necessary to make individual assess-
ments of liquefaction potential for each site using the general procedure
described previocusly.

Thelimiting values of penetration resistance for whichliquefaction is very
unlikely, as indicated by Table 2 and the results in Fig. 16, arc compared in
Fig. 18. Also shown in this figure are the limiting values suggested by Ohsak{
(20) based on expericnces in the Niigata earthquake and Kishida (12), based
on a study of a number of earthquakes, It seems reasonable to expect that the
limiting boundary would vary depending on the intensity of shaking as indi-
cated by the results of this study and that the limiting values suggested by
Ohsaki and Kishida are perhaps somewhat conservative for low intensity
shaking and somcwhat unconservative for strong intensity shaking,

-CONCLUSIONS

An altempt hasbeen made to idenlify some of the significantfactors affect-
ing the lquefaction {ar cyclic mobility) potential of sands during carihquakes,

SM 9 LIQUEFACTION POTENTIAL

to present a simplificd procedure for evalualing liquefaction potential which
will take these factors into account, to assemble available field data concern-
ing the liquefaction or nonliquefaction behavior of sands during earthquakes,
and to compare these data with evaluations of performance made by the sim-
plified procedure, It must be recognized that in any study of this type, a num-
ber of approximations must he made especially with regard to determination
of relative densities and maximum ground accelerations in the ficld. However
it is belicved that cven the limited available ficld data can provide a useful
guide to the probable performance of other sand deposits, that the method of
representing the data provides a useful framework for evaluating past exper-
iences of sand liquefaction, and that the simplified procedure provides a rea-
sonably good means for extending previous field cbservations tonew situations.
Where greater accuracy is juslified, the simplified liquefaction evaluation
procedure can readily be supplemented by test data on particular soils or by
ground response analyses to provide more definitive evaluations. However it
is believed that the simplified procedure will provide adequate assessments
of liquefaction potential for many practical purposes.

-
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APPENDIX I1.~NOTATION

The following symbols areused in this paper:

2 max
Cop
DT
Do
dﬂf
&

h
AT
NC
Yd
e

(Tmax)d

= maximum ground surface acceleration;

correction factor applied to results of triaxial compression tests:
relative density;

mean grain size;

depth of water table;

acceleration of gravity;

depth of soil element;

standard penetration resistance in blows per foot;

number of significant stress cycles during eqrthquake;

stress reduction coeificient;

= unit welght of soil;

ambient pressure in triaxial compression test;

cyclic deviator stress;

effective overburden pressure;

shear stress;

average horizontal shear stress develeped on soil clement;
honzont'l.l shear stress causing liquefaction in 10 cycles;
maximum horizontal shear stress developed on soil element;
maximum horizontal shear stress assuming deformable body'

 behavior; and

maximum horizontal shear stress assu mmg rigid body behavior.
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